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Abstract

Abstract

The selfcentringconcentrically braced frame (STBF) systemdeveloped at University of
Galwayoffers several advantages over traditional concentrically braced frames (CBR®

SC-CBF system posttensioning elements are used along the beams to create a rocking joint
behaviour, which helps absorb seismic energy and reduce the overall seismic demand on the
structureHowever, a keyeatures that this systeranables the structure to return to its original
positionafter a significant earthquake. Therefore, residual deformations that compromise the
integrity of traditional CBFs can be eliminated. In this thekis feasibility of using th&G

CBF system in seismic regions is evaluated through experimental testing and numerical
analysis. Additionally, guidelines and design procedures for the-CEF systerm are
developed.

A series of laboratory experiments including material tests and shake table tests were conducted
to investigate the behaviour of the novelSBF system. A onetorey SCCBF structure was
designed, manufactured and seismically tested on a shake table. Test results have demonstrated
that the SECBF system performs well under realistic earthquake conditions, achieving a peak
drift ratio of 2.51% with negligible residual drift (below 0.06%). This indicates strong self
centring behaviour, allowing the structuxe recover most of its deformation after seismic
events. Steel samples were cut from the specimens and material testing was performed to
characterise the material properties of the steel. Coupon tests consisted of monotonic tensile
loading, lowcycle, andextremely lowcycle fatigue loading. These results were used to
develop a numerical model in OpenSees. By validating the numerical results with testing data,
the model was proveto accuratelypredictthe behaviour of the SCBF under seismic loads.

Both experimental and numericaihalyses demonstrated that the GBF returns to its initial

vertical position after large earthquakesile dissipating energy through lbesand, hence,
keeping nordissipative structural elements safe. Furthermore, the design guidelines of SC
CBF buildings, suitable for both For@&ased DesigriFBD) and Direct DisplacemerBased

Design (DDBD) methods, are proposed. Case studies were performed to compare the
efficiencies of the structures designed using the two methods. This series of research work helps
ensure that the SCBF system can be effectively adopted by the industry, leading to overall
improved seismic performance and greater resilience in CBF steel structures, fostering the

widespread adoption of this innovative structural solution.
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IBC International Building Code

IDR Interstorey drift ratio

10 Immediateoccupancy

IS Indian Standards

ISDC Initial Stiffness Deformation Control

ISIP Initial Stiffness Iterative Proportioning

IZIIS Institute of Earthquake Engineering and Engineering Seismology
K Monotonic strength coefficient

K' Cyclic strengtltoefficient

KBC Korean Building Code

LC Load cells

LCF Low-cycle fatigue

LVDTs Linear variable differential transformers
MCE Maximum considered earthquake

MDOF Multi degree of freedom

MRF Moment resisting frame

MRI Medium recurrencenterval

Mw Earthquake magnitude

n' Cyclic strain hardening exponent

NBCC National Building Code of Canada

NC Near Collapse

NEHRP National Earthquake Hazards Reduction Program
N4 Number of cycles

NLTH Non-linear time history

NSCP NationalStructural Codes of Philippines
NTC Italian Building

NZS National New Zealand Standard

OOP Out-of-plane

OpenSees  Open system for earthquake engineering simulation
PBD Performancéased design

PE Probability of exceedance

PFDC Posttensioned friction damped connection
PGA Peak ground acceleration

PRESSS PREcast seismic structural system

PT Posttensioning

PTED Posttensioned energy dissipating system
PT-MRF Posttensioningmoment resisting frames
PT-SCYBS Posttensioned sel€entring yielding brace system
r Bilinear factor

E Radius of gyration

RPA99 Algerian Earthquake Resistant Regulations
RSFJ Resilient slip friction joint

SAP System analysis program
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Nomenclature

SCGCBF Selfcentring concentric bracdchme systems
SCED Selfcentring energy dissipative

SGMRF Selfcentring-moment resisting frames
SCPT Self-centringposttensioned system

SGSMRF  Selfcentring-special moment resisting frames

SCGSPSW  Selfcentring Steel plate shear wall

SCGTOBs Selfcentring tensiofonly braces

SD Significant damage
SDOF Single degree of freedom
SEOAC Structural Engineering Association of California
SERA Seismology and Earthquake Engineering Research Infrastructure Alliar
for Europe
SFDB Self-centring friction Damping Brace
SG Strain gauges
SHS Square hollow section
SMA Shape memory alloy
SMA-RC Shape memory alloy reinforced concrete brigogs
SMRF Special moment resisting frame
SR Strain rates
SRSSE Root of sum of squares tife errors
T1 Fundamental period of vibration of the building
Ts Lower limit period of the constant spectrum curve
Tc Upper limit period of the constant spectrum curve
To Beginning of the constant spectrum curve
TSC Turkish Seismic Code
UBC Uniform Building Code
ULS Ultimate limit state
VHCF Very highcycle fatigue
VLCF Very low-cycle fatigue
V-SC Verticaloriented seHcentring system
WEFD Web friction devices
WHPs Web hourglass shape pins
YPS Yield point spectra
: Backstress tensor
C Kinematic material hardening constants
I Correction factor
B Elastic damping
layst Hysteretic damping
1 Nominal engineering stress
X Angular frequency of the system
B Bay width of the braced bay
C, Coefficient ofempirical natural vibration period
% Effective shear wall area coefficient
G Permanent action (dead load)
RDDI Residual deformation damage index
S Soil factor (Rock reference)
T Natural period of the structure
dB, Corresponding plastistrain increment
e Percentage extensions
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Nomenclature

f Natural frequency

m Mass of the system

J Number of storeys

q Behaviour factor

t Thickness

> Lower bound factor for the horizontal design spectrum

B Engineering strain

D Damping correction factor

E Stability coefficient

I Nondimensional slenderness ratio

J Design ductility

L Viscous damping ratio

le k3 Equivalent viscous damping of the braces

B Equivalent viscous damping of the poshsioning system

R4 Yield stress at zero equivalent plastic strain

S Reduction factor

J, - Maximum attainable ductility

s Lateral displacement at first storey

éis Equivalent lateral displacement of system 1 within a combined structur.
system

e Responsélisplacement at 5% damping ratio

EH 2H Spectral displacement demand at perdor the design value of
equivalent viscous damping

& mucdd Yield displacement due to the bowing effects

& wT X Axial yield lateral displacement due to the axial strain of the prestresse
beam

s Target displacement

U Design displacement &V storey

él Lateral displacement resulting from applyi@gon system

éovg Yield lateral deformation due to the rotation

éqvg Total interstorey yielddisplacement at'i floor

éwe Equivalent SDOF yield displacement

éwg Yield displacement at'istorey level

¢B Plastic strain amplitude

hes Inter storey height ati™

Ziin s Shear demand from CBF frame '&tevel

K g1 x Sheardemand from PT strands &tlevel

Nip gl Axial force in the brace af'ilevel floor for n iterations

Vg Shear force atfifloor for n iteration

b Normalised slenderness

J,5 ;6 Ductility in the subsequent cycles

J; d Accumulatedracture ductility

J, Displacement ductility

Ja Ductility in compression

J Ductility in tension

L Fay >5 Elastic viscous damping of CBFidf floor for n iteration

Lt xgl >5 Elastic viscous damping of petsinsioned strands &t floor for n iteration
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Nomenclature

Maximum change in the size of the yield surface

L2 =

1

|

A Brace area section

A, Crosssectional area of the brace

A Equivalent shear area

Ciql Constant related to calibrated data

En, Modulus of Elasticity of post strands

Fopir Lateral Force generated by the braces

Fp Axial force in each brace

Fq Distribution base shear forceiét floor

F, Top force of the structure

H. Effective height

H, Storey height af'istorey level

Huwn Yield force at the bottom of the line

Huw, Yield force at the top of the line

Kok v Maximum effective stiffness

K Elastic stiffness

Kgca Secant stiffness

L-g Total length of beams df level

Lhg Deformed length of thension bracing

Lq Floor dimension perpendicular to the seismic direction

Nnijg Design axial resistance force

Pxvb Design capacity of the PT strand

Py Total axial force at'i level of a structure due to gravity loads during an
earthquake

Prmr Gravity load considered on and above a storey in the seismic design
situation

R, Proof strength, plastic extensions

R, Proof strength using total extension

R. Strain ratio

4 Damping reduction factor

Sp(T) Elastic displacement spectrum

%(6 Elastic acceleration response spectrum

Sn Original cross section area

Sq Minimum crosssectional area after fracture

T, Effective period of the structure

T, Fundamental vibration period of the structure

Vg Design base shear of system 1 withgoabined structural system.

V1o, Base shear includeddrlta effects

V- Total horizontal base shear force

Vgin o Storey shear force at storey i and a lateral frame displacerpgntEigure
6-22)

Vv bT x Shear resistance capacity of thegands

Vq Horizontal force acting on storey

Vi Horizontal force acting on storgy

V| Share of sheer force of system n within a combined structural system.

Vime Total seismic storey shear

W, Effective seismic weight
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asay Fitted parameters that depend on site conditions

as. Regression coefficients

ag: Response acceleration at 5% damping ratio

ae Design ground acceleration on type A ground

e Reference peak ground acceleration on type A ground

Bggm Rate at which theize of the yield surface changes as plastic strain
increases.

dp Displacement where the pesfastic line intersects the zefarce line

d. Linear elastic interstorey drift

@ Maximum ground displacement

d; Displacement where the elastesponse line at the end of the analysis
crosses the zefforce line

dy Maximum drift

dy Maximum residual drift

dy Yield displacement

er Specific percentage plastic extensions

S () Accidental eccentricity of the seismic action in direction i

e, Percentage total extensions

fq Lateral force distributed

fs Ultimate tensile strength

fwimk Nominal yield strength

funr Yield stress of postensioned strands

fuw Yield strength

I m Original gauge length

m. Effective mass

mgmp Storey masses af and | storey level

Jm Basic value of the behaviour factor

Sg¢Sh Displacement of masses

W 4 Weight of the system

ZyZn Heights of the masses above the level of application of the seismic acti

3g Overstrength factor

> Ratio of desigraxial force to yield force of the beam

> Ratio of design axial force to yield force of the column

@ Importance factor

A First mode shape

A g5 Elongation of outer column due to tension force

A g6 Shorting of the outer column duedompression force

Aq Axial brace deformation af'istorey

Aq Inelastic mode shape @t storey

Ay Elongation corresponding to tensile yield

B Strain amplitude

e Elastic strain

E{] Fatigue ductility coefficient

B Percentage elongationfaacture

B Plastic strain

Bosec True strain

\'1 Yield strain of steel
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Nomenclature

Yo Axial yield strain of the column

E B Fitted parameters that depend on site conditions
Eyg Yield tension brace due to rotation

R Equivalent viscous dampingf the PT (5%)

lw ec FJ Equivalent viscous damping of STBF

le oG FJ Equivalent damping of the SDOF system

P Stress amplitude

Py True fracture strength

P Fatigue strength coefficient

Py Stress value at the first and the last data points
P Maximum compressive stress in the elastic range
P, Maximum tensile stress

P Mean stress

R v Maximum stress

Pql Minimum stress

R Stress value at the last data points

P Average of the first and the last data point
Posc True stress

R 0.2%offset cyclic yield strength

Plg Cyclic yield strength

B Half of the strain range

P Stress range
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Chapter 1. Introduction

Chapter 1. Introduction

1.1 Overview

Conventional lateral force resisting systems for structures include special moment resisting
frames (SMRF), buckling restrained braced (BRB) frames, concentrically braced frames (CBF)
and eccentrically braced framékhese systems are designed to reduce structural damage by
incorporating ductile framing components that can undergo cyclic inelastic drift deformations
during moderate to severe earthquakes. However, these conventional systems have been shown
to have linited elastic drift capacity, which has led to residual deformations that contribute to
structural damage and economic losh@sng earthquakes. Examples of earthquakes that have
caused residual deformation include the 1994 Northridge Earthquake, 1995 Kobe Earthquake,
1999 ChiChi Earthquake, and 2011 Christchurch earthquake. Therefore, researchers have been
searching for alterative systems to reduce the negative effects of residual deformation and

associated costs of repairing, rebuilding, and downtime.

Another crucial factor to consider is the impact of business downtime, which is directly linked

to both local and global financial losses. In the case of the Christchurch earthquake, for
example, the recovery process took five years and residents waltessétisfied. The costs of

repair, demolition, and reconstruction were enormous. Moreover, the disruption to commercial
and economic activities caused by the downtime led to a decline and recession in these sectors.
To avoid or mitigate such negative axfts on the economy and the environment, it was

imperative to devise innovative and alternative solutions.

Due to the detrimental effects of residual deformations on conventional lateratdsistng
structures, there is a pressing need for innovative solutions that can enhance the drift capacity
of such systems and promote their longevity. Residual deformations are a major consequence
of intense earthquakes, and their elimination is crucial to prevent structural instability and the
building being unusabléVoreover, residual drifts can complicate the process of repairing or
replacing damaged structural andnrstructural elements. Therefore, developing alternative
lateral force resisting systems with improved drift capacity, while also haemydow residual
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drift after major earthquakes, is essential to reduce the adverse effects of earthquakes on

structures and miniméseconomic losses.

It has been observed that in the collapse of conventional earthgpsagtant structural systems,

the connections were the most critical part that initiated the failure of the structure due to the
concentration of stressesthose areas. Thus, a solution was needed to utilise connections and
dissipate energy to guide the system's behaviour against cyclic loading. In the 1960s, the
concept of rocking and setentring behaviour emerged, which relies on the natural movement
of the structure under seismiclateral loads. This approach helps to improve the behaviour of

structures under seismic loads by dissipating energy and reducing residual deformations.

The main objective of this study is to investigate and create a new seismic resisting system by
combining a conventional structural steel CBF system with acestfing approach. This
system enables the CBF structure to return to its original verticgilopoafter an earthquake,

and then the energy dissipating elements (brace members) can be replaced easily. The study
aims to produce monmeliableexperimental and numerical data. This research is essential, not
only for achieving research goals, but dwmodeveloping future practices that are more suitable

and compatible with the conventional CBF system. This will help reduce the damaging effects
of earthquakes in areas prone to seismic activity. A sustainable approach should be considered
as a prioritymeasure in all endeavours to construct resilient structures that can withstand

seismic and other natural hazards.

The development of the sadéntring steel concentrically braced frame {SBF) structural
systemat University of Galwayl] is a significant advancement in earthquagsistant design
for seismically active regions. The novel system allows for the easy replacement of dissipative
structural elements after a large earthquake, improving the resilience and robustness of the

structue, as well as its sustainability.

The SCCBF system achieves its superior performance by usinecedfing technology,
which allows for postensioned interfaces between the main structural elements such as beam
column. This technology creates rocking joints behaviour under seismi¢ \aaidk helps the
structure return to its original position after an earthquake, eliminating residual deformations

typically observed in traditional steel structures after large earthquakes.

Therefore, the selfentring feature of the SCBF system significantly reduces the need for

costly repairs and maintenance after an earthquake, which contributes to its sustainability. This
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feature also helps to reduce the downtime of the structure after an earthquake, allowing for a
quicker return to normal occupancy. The development of thR€BEsystem represents a major
step forward in the field of earthquake engineering, and it has the potential to make a significant

impact in seismically active regions around the world.
1.2 Research Questions

Addressing these key questions will contribute to the advancement of knowledge in the field of
SCGCBF systems and their performance under natural hazardgrandle insights into
potential improvements in modelling and design methodologies for such systems. During this

study, the following key questions are being considered:

1. Is the novel SECBF frame system suitable for use in buildings that are subjected to
major earthquakes?
This question focuses on evaluating the applicability of the nov&@ BEsystem in structures
subjected to seismic loads. It involves assessing the performance of {BBFS&ystem in
terms of its ability to effectively mitigate the effects of natural seismic hazards, such as reducing
structural damage, minimising residual drift, and preserving structural integrity under severe

loading conditions.

2. To what extent does the performance of mstibrey SCCBF buildings meet the
mitigation of seismic risk in terms of residual drift, ductility and strength capacity of the

structure?

This question explores the performance of nmstibrey buildings utilising the SCBF system

in terms of their ability to mitigate seismic risk. To answer, thiavolves analysing parameters

such as residual drift, ductility, and strength capacity of the structure under different loading
scenarios, and comparing the results with established guidelines and standards for seismic

performance.

3. How to improve the significant parameters of quantifying the Ime@ar hysteretic

behaviour of the S@BF system compared to other studies?

This question focuses on improving the current understanding of thénean-hysteretic
behaviour of the SCBF system. It may involve developing enhanced parameters or models
that better capture the behaviour of the-GBF system under cyclic loadingprapared to
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existing studies. This includes refining models for predicting the energy dissipation capacity,
ductility, and other key performance indicators of theCEF system.

1.3 Research Objectives

The main goals of this research project are to validate and further extend a noGarieify
Concentrically Braced Frame (SCBF) system developed at University of Galway, which
addresses the three research questions posed in Section 1.2. The primary objective is to improve
the performance of steel structures in buildings located in seismically active regions. To achieve
this goal, a research plan was developed to validate the effectivdnessSCCBF system

through various laboratory experiments andmerical simulation tests. Improving the
significant parameters of quantifying the norear hysteretic behaviour of the SITBF system

can be achieved by utilising advanced analytical tools and techniques. To achieve this, the

following objectives will be met:

1. Evaluate and estimate the mechanical properties of the materials during monotonic and
cyclic loading.

2. Critical analysis of the experimental data which are extracted from the shaking table
tests involving reatime earthquake loading.

3. Develop and maintain a novel sekntring structure which is subjected to a variety of
seismic actions.

4. Develop a numerical model that can be used to capture the accurate behaviour of the
structures which are subjected to real earthquakes.

5. Validate and correlate the numerical model by using the experimental test data that were
carried out previously.

6. Develop a guideline for the design procedures ofCBEs frames that can be used in a
performancebased design framework or approach.

~

Develop and create detailed requirements in order to maintain the rocking behaviour of

the structure.
1.4 Methodology

The methodology for this study follows a structured approach, as illustrated in Eijure
which includes multiple phases aimed at ensuring robust and rigorous procedures. These phases
encompass literature review, material testing, experimental shaking table procedures, numerical

modelling simulation, and the formulation of a design procedun@ conceptual design
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flowchart. This methodology is carefully planned and executed to ensure the validity and
reliability of the study, with considerations given to potential limitations. Furthermore, as part

of this research, overall conclusions are drawn and recommendations for future related work

are made.
Methodology
Shake Table .. . | hart S
i Material : Digital Twin Flowchar ummary
Lﬁ:ﬁge Ta e.rla Expe]::;ggental (Numerical ) and
— Manipulation Modelling) Design Implications

Figure 1-1: Flowchart for the research methodology.

The text provides a comprehensive overview of the development and assessment ef the SC
CBF system, beginning with a review of existing research orceatfed and steel structural
systems. It then examines the static and fatigue mechanical propertiesl ah $she primary
structural elements through laboratory testing, followed by the analysis of key mechanical
properties. Data from shake table tests are analysed to determine key performance parameters
and compare results to theoretical predictionst&element numerical models are developed
using OpenSees, incorporating experimental data and simulating earthquake effects. Finally, a
conceptual framework for SCBF systems subjected to earthquakes is introduced, based on
Eurocode 8 provisions and priandings. More details will be outlined in the following section,
which provides a comprehensive overview of the thesis structure and elaborates on the
development and assessment of theCBEF system, its mechanical properties, performance

testing, numedal modelling and the conceptual framework based on prior research and
experimental findings.

1.5 Thesis Outline

Chapter 1introduces the general overview, research questions, methodology, and the primary
objective of the core of this research.
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Study and Research Objectives in this chapter, the research objectives are defined, and the study
design is established. The research questions and hypotheses are formulated based on the
objectives of the study. The methodology is used in order to achieve the above research topic.
The study design, including the experimental and numerical approaches, is carefully planned

and outlined

Chapter 2 presents a literature review on the topic of-selfitring systems. In the case of the
development and testing of the ®XBF, Chapter 2 beginswith a review of previous studies

on the performance of steel systems during earthquakes.

The review then foceson the behaviour of the sedentring system in particular, discussing
their advantages and disadvantages, as well as the different typescainseitig CBFs that

have been developed over the years.

The development of setfentring systems, including the SIBF, are discussed in detail,
including the theoretical principles behind their design and how they have performed in
previous studies and reatbrld applications.

Chapter 3discusses the importance of reliable material properties for the components involved
in the experimental and numerical studies. In particular, the material properties of the bracing

members and gusset platesésified and compared with standards and codes.

For the bracing members, the mechanical properties of the material are determined through
laboratory testing, in accordance with the relevant standards such as Eurocode or ASTM. The
tests include tension tests to determine the yield strength, ultimatgtbirand ductility of the
material. The elastic modulus of the material is determined through a separate test.

In addition, the gusset plates that were used to connect the bracing elements with frame beam
elements were also tested to determine their material properties. This is particularly important
as gusset plates can experiencelivogar material behaviour dag shake table testing, which

can affect the overall behaviour of the structure. The mechanical properties of the gusset plates
were determined through laboratory testing in accordance with relevant stadflsets]
including the test frame layout and the specimens that are to be tested. This includes details on
the dimensions of the frame, the number and placement of bracing elements, and any other

design considerations that are relevant to th€CBE concept.
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The instrumentation layout for the framealso discussed in detail, including the types of
sensors that aresed to measure the response of theCBE during testing. This includes
details on the placement of accelerometers, strain gauges, and other types of sensors, as well as

information on the data acquisition system used to collect and analyse the data.

The loading protocol for the test frame is presented, including the specific types of loading that
were applied to the frame during testing. This includes details on the magnitude and frequency
of the seismic excitation, as well as any other loading dondithat are relevant to the SC

CBF concept.

Chapter 5 begins with an overview of the numerical modelling approach, including the
assumptions and simplifications that are made in order to develop the model. This includes
details on the finite element method, the software used to develop the model, and any other

modelling considerations that are relevant to theCBE concept.

The parameters for both the se#intring frame and the CBF acembined to create the
numerical model for the tested SIBF. This includes details e modelling of the bracing
elements, gusset plates, connections, and other structural components, as well as information
on the boundary conditions and loading conditions used in the model. The numerical model is
validated using the experimental testidgtailed in the previous chapters. This includes
comparing the predicted and measured response of thR€B&Cunder various loading
conditions, as well as assessing the accuracy of the model in predicting the performance of the
SG-CBF.

Chapter 6 begins by discussing the limitations of the traditional fdrased design approach,
which primarily relies on strength and stiffness to resist seismic forces. The need for a
performancebased design approachighlighted, which focuses on the expected performance
of the structure during an earthggearather than just the capacity to resist forces.

The chapter also provides details on how theCBF is evaluated using the previously
validated numerical model for a series of structural arrangements. This includes information on
the different design parameters that @aeied, such as the size of the bracing elements and

posttensioned strands, as well as the different performance goals that can be evaluated.

Chapter 7 is the conclusion chapter of the study. It provides a summary of the main findings
of the study, including the performance of the-SBF during the shake table tests, the
development and validation of the numerical model, and the proposed perfoinasede
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design framework. The chapter also discusses the limitations of the study and provides
recommendations for future research to improve the understanding and desigrteftself
concentrically braced frame structures. Finally, the chapter concludetheglgnificance and

contributions of the study to earthquake engineering and the development of resilient structures.
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Chapter 2. Literature Review

2.1 Overview

Half of the world’s population lives in cities; it is expected thai-thirds of people willive in

cities by 2050 based on the UN reports United Nati@hsThus, cities and urban areas are
important for economic and commercial activities and contain the most political centres,
hospitals, and other vital facilities. Therefore, the idea of a sustainable and resilient city is a

targeted objective for earthquake engineering purposes.

Over the past three decades, extensive research has been conducted into different lateral seismic
resisting structural systems. Ensuring that lives are safe is an underlying principle of all design
codes and research. However, typically requirements are more onerous than that and
minimising damage to a building and its contents is an important design consideration, as is
ensuring that buildings can be relatively easily repaired after an earthquake if damage does
occur. Thus, a core interest of many research papers is to investigate ways to eliminate or
minimise residual deformations of intstoreydrift after earthquake actions and reddice
structure's ductility demand. This is done by using novel damage control techniques
incorporating a sel€entring mechanism combined with rocking behaviour. Several topics will

be discussed in this section which are related to the core focus of the thesis, which is self

centring concentricalMpraced frameéSGCBFs).

In this chaptera brief overview of the impacts of earthquakes on buildings and the use of self
centring systems to alleviate some of these impacts is given. After an earthquake, a structure
can experience residual deformations impacting our ability to repair the strantlisome non-
structural components. Thus, literature on residual deformations is synopsised in Sed¢ton 2.4
better understand the impacts of residual drifts, identify appropriate limits to set in our design
criteria and critically review methods developed to predict the residual drifts experienced by
structures after earthquakes. Section thén covers the basic background of -selfitring
systems, while Section 2ditically reviews previous research relevant to the study, going into
more detail about the analytical studies ofGBFs and covering other relevant research of

-9-



Chapter 2. Literature Review

self-centring braced structures, including the contribution of University of Galway to the
research. The chapter concludes with a summary of the main points from this chapter,
highlighting what are the main stadéthe-art aspects from the literature thall be utilised in

the original work presented in this thesis and what gaps have been identified in the literature

that will be addressed in this thesis.
2.2 The Impact of Earthquakes on Buildings

Earthquakes are one of the natural disasters that can cause loss of life and property due to
damaging structures, buildings, dams, bridges, roads and other infrastructure. The damaging
effects of earthquakes are usually influenced by many factors. An earthquake event can cause
major damage in some specific locations and minor damage in others within the same region
due to variation of the structural systems used in that region and local site conditions. The
structural system and severity of such effects #rerefore, some key input parameters for
improving the estimated probability and magnitude of the damage. The risk of earthquakes in
some types of structures tend to sustain a large ductility demand; thus, for a given earthquake,

the increase of the potential damage is expected.

There are many documented incidents around the world where the severe effects of earthquakes
have caused direct losses on life and property. For example, wtli€hd moment magnitude

scale) 7.9 Wenchuan earthquake (Great Sichuan) in 2008, caused approximately 86,000 deaths
and 138.33 billion dollaref economical losses 3]. The Great Hanshin earthquake (Kobe
earthquake) that occurred in 1995 had a magnitude w6, which produced extremely
widespread and severe damage with nearly 400,000 buildings totally destroyed and around
6,434 persons killef4]. The Pacific coast of Tohoku in Japan (Great East Japan Earthquake),
witnessed a great earthquake witly ®1in 2011, which caused 15,870 deaths and about 100
billion dollar lossesj]. Also, in 2011, Christchurch in New Zealand suffered from aav8
earthquake that caused 185 people to be killed and resulted a significant damage in the central
business district (the rebuilding expenses are about 20 % of New Zealand’s GDP). In April
2015, Nepal was hit by M7.8 magnitude earthquake which led to approximately 9,000
casualties and significant economic lossgsloreover, thousands of houses were destroyed

in the country and surrounding area. In the next year in Japan, the 2016 Kumamoto earthquake
had a magnitude of M9 and killed 64 people, causing 5.6 billion dollars of economic losses

[7]. In the same year, there were three other destructive earthquakes in the world: in ltaly, a M
6.2 earthquake occurred in Umbria region that caused 293 victims and with estimated
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construction damages at nearly 4 billion doll&is [n Ecuador, two major earthquakes hit, one
with a magnitude of M 6.7 at theearly morning followed by a M6.8 magnitude one near
midday, which combined resulted in the death of 668 ped&plE]]

The other key factor is the business downtime which has a direct association with the local and
global monetary losses. For instance, the rebuilding of Christchurch extended for five years
(without the full satisfaction of the residents). There was a huge amount of expenses involved
in repairing, demolishing, and rebuilding. In addition to that, the decline and recession in
commercial and economic sectors were caused by the downtime and holding up the business
activities. As a result, alternative and creatsolutions were required in order to avoid and

diminish the negative effects on the economy and environridnt 4].

The conventional lateral force resisting systems of structures in seismically active zones are
special moment resisting frames (SMRF), buckling restrained braced (BRB) frames, and
concentrically braced frames (CBF), which reduce the structural damagghhhmuductile
framing system (the ductile property of components of the structural systems). These
conventional lateral resisting systems to resist earthquake loading have undergone cyclic
inelastic drift deformations (residual deformations) for-stmdural and structural elements
during moderate to severe earthquake intensities. For instance, during the 1994 Northridge
Earthquake, 1995 Kobe Earthquake, 1999 -Chi Earthquake and 2011 Christchurch
earthquakeThe residual deformation mainly contributes to the structural destructive and
economic losses which are associated with repairing, rebuilding, and downtime costs.
Therefore the limited “elastic” drift capacity of these conventional systems led many

researchers to search for alternatives.

As a consequence of the noticed damage on the conventional lateral force resisting structures
due to residual deformations, a novel solution is needed to improve the drift capacity of the
conventional systems in order to sustain a more durable life of the structure. In fact, residual
deformations are the crucial results of severe earthquake hazards. Therefore, the elimination of
residual drifts that are directly connected to the instability andsability of structures is
significantly important. Furtherare, residual drifts can make repairing and/or replacing both

damaged structural and netructural elements difficult.

The previous observations of the collapse of some conventional earthrgsatant structural
systems highlighted that the connections were the most important part that commenced the
failure of the structure due to the stresscentrationn those regions. Therefore, utilising the
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connections and dissipating energy was a brilliant idea in order to formulate and guide the
system in terms of behaviour against cyclic loading. The rocking andesgting behaviour
emerged early in the 1960s dependinghlennatural movement of the structure under seismic

or lateral loads, as discussed in the next section.
2.3 Historical Background to SeltCentring Systems

The first observation of the rocking behaviour of the structure was in 1960 when Hdugner

noted the behaviour of several elevated water tanks after the Chilean earthGlakgs.and
Huckelbridge[16] examined the rocking behaviour of uplifting columns in steel building
frames. The experimental shake table tests showed a significant reduction of seismic effect and
ductility demand of these structures. PriestlEx] ftudied the maximum rocking displacement

of simple structures by placing the energy dissipation system underneath the foundation. The
structures utilised the equivalent elastic response spectra characteristics. In general, the rocking
behaviour of the sticture was studied by many researchers, for instance Aslam &8Jal. [
Mander and Chend p], Makris and Konstantinidig0], Ajrab et al[21], Pollino and Bruneau

[22], Zzhong and Christopoul@&3],Polyakov p4] and Lu P5].

In the early nineties, scholars started to focus on theceetfing mechanism that utilises
mechanical systems instead of depending only on grdvitgn force (seliveight of the
structures) to reentre the structure. In the 1990s, an impottaignted research cooperation
between the USA and Japan was formed under the PREcast Seismic Structural System
(PRESSS) project. The aim of this project was to developcsetfing precast structural
systems utilising podensioning strands for #gentrng the structures in order to eliminate

permanent residual deformations.

Priestley and Taf26] proposed the use of partialiebonded prestressing tendons in precast
concrete frames. Priestley and MacR&4 Yerified the research of Priestley and Ta6]using

an experimental approach. The jgteessed strands systems were used in this project for re-
centring the structure to its original position after seismic shaking that results in zero residual
drifts.

Priestley and MacRd&7] initially developed a pogensioned precast concrete system (precast
concrete bearsolumn joint subassemblage). The experimental tests verified the hysteretic
self-centring behaviour of the jointlany studies were conducted by several scientists in self
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centring reinforced concrete frame systems using numerical and experimental analyses (See,
for example, ElSheikh et al28] , Morgen and Kuram&p], Cai et a[.30], Lu et al[31].

Kurama et al. 32] developed a selfentring precast reinforced concrete wall to resist large
nonlinear lateral deformations, which utilised horizontal joints with unbondedgusbning

strands for sel€entring behaviour. These systems were developed as an extension of the
pioneering PRESSS program. Kuran38][ and Kurama et 4B4] extended their studies to
different energy dissipation systems. The precast concrete wall was extensively studied by
several researchers with different parameters that affect the inelastic hysteresis behaviour of the
structure and the maximum residualfidri There were significant studies conducted by Perez

et al. 5, 36], Henry et al. 37], Holden et al. 38|, Sritharan et al.39, 40], Panian et al 41,

42], Pennucci et a[43], Pennucci44], Erkmen and Schultzf] and Twigden et al4[].

As a life cycle of thescientific research approach, other researchers have recently applied novel
self-centring joint connections to structural steel frame systBmkes et al.47] developed the
beamcolumn rocking connection with a s@éntring (SC) capacity in order to study steel
moment resisting frames (SMRFs). This connection gave satisfactory results in terms of energy
dissipation and hysteretic behaviour compared with conventional moessting frames
(welded connection). The SEBMRFshavebeen studied by different researchers, for example,
Rojas et al. (2005¥B], Sause et al4P], Kim and Christopoulosp] and Wolski et al.g1].

Self-centring concentrically braced frame (®BF) systems have been studied by researchers
that adopted a vertical joint with unbonded giestsioning strands. Roke et &2[53], Sause

et al.[54, 55]studied and described different configurations of theCBE system, preserving

the rocking connection at the foundation base of the structure. O’'Reilly &}, &’Reilly and
Goggins[56] and Goggins et al5[7] developed a novel setentring concentrically braced
frame (SCCBF) system that adopted horizontal joint connections with unbonded post
tensioning strands. This topic will be discussed in further detail in Section 2.6, as it is the

foundation work of ts study.

In conclusion, different types of salentring systems have been developed in the last twenty
years. Mainly analytical and experimental studies were used to investigate the behaviour of the
selfcentring system. As mentioned above, several structuratrsgsaccommodated self
centring to provide a novel innovative system that disseminate or remove residual and
permanent deformations. The sedintring systems include different dissipative elements and
devices such as shape memory alloys damper, energpatiisg restraint, posensioned
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energy dissipating connections, ptatsioned friction damped connection and brace; self
centring energy dissipative braces and yielding braces, as well as some systems. This topic will
be discussed in further detail in following sections, as it haseatdelation with the current

study.
2.4 Residual Deformations of Structures

Several types of structures have suffered invariably from significant damage due to excessive
permanent lateral deformations. However, there are a limited number of studies that are
concerned about the evaluations of residual deformations for different types of structures after
an earthquake. Severe damage to structures caused by earthquakes have had significant impacts
on economic growth and business downtime costs. For instance, evidence of cyclic inelastic
permeant deformations to structures and its oghjpa the local economy is seen from the
aftermath of numerous earthquakes, including the Michoacan earthquake in Mexico City in
1985, Loma Prieta earthquake 1989, Northridge 1994, H¥{@yoNanbul995, Wenchuan
2008 and Christchurch 20149].

MacRae and Kawashimag] presented the significant effects of the pgstd stiffness ratio

on residual drifts. They pointed out that the hysteresis behaviour of the systems exhibits positive
postyield stiffness that leads to a reduction of the residual deformations. In gSsen@Em

inverse proportional relation between the postd stiffness and permanent residual drifts. This
means that the structure sustains significantly larger residual deformations under negative post
yield stiffness. The bilinear hysteresis mod¢ISDOF oscillators were analysed with different
parameters of ductility (2, 4, and 6), stiffness ratio26 to 1.0), and fundamental periods (0.0

to 3 sec). This study utilised only 2% ratio of elastic damping. The results showed the scatter
pattern of the residual displacement ratios in all earthquake records; However, the used bilinear
hysteresis model always sustains residual deformations in contrary to tshdiaed hysteresis

model.

Kawashima et a[60] identified the effects of the pegield stiffness on SDOF systems analysis
using several parameters, e.g. damping ratios, fundamental periods, ductility and stiffness
ratios. The bilinear effect of the hysteresis model of SDOF systems showed a stattatidn

in residual displacement results about the mean. The significant argument in this paper that the
applicability of using these formulas in any structure which has bilinear hysteretic behaviour

model. It is worth noting that the most applicatidritos method were in reinforced concrete
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bridge columns. Therefore, the implementation of this method on thelged hysteretic
models is questionable.

Similarly, in two studies by Ruiarcia and Mirand&[L, 62], they investigated the effects of

the postyield stiffness and unloading stiffness utilising different ground motion parameters and
energydissipating systems. The results showed the sensitivity influence of the stiffness ratios
of the energy dissipation system on the residual drift demand. It should be noted that these
studies were computed for elastoplastic, bilinear and stifiiegsadingSDOF systems, where

the damping ratio was 5%. In addition to that, the dispersion of the residual displamsnt
results was revealed. These studied hysteretic models (Moe@ifeed)h, Takeda, and Modified
Origin-Oriented) are not fully represted the flagghaped hysteretic behaviour of the self

centring system.

In the same context of the bilinear SDOF systems analysesn et al. 3] examined two
different types of analyses: pushover and-hosar timehistory analyses of SDOF system

The results illustrated the relation between these dynamic analyses and the different residual
parameters. Zhang et a4 presented different models of Kinematic and Takeda hysteretic
loops and gave simplified calculation methods to estimate the residual deformations. Moreover,
bilinear SDOF analysis and the correlation between the intensity and residual drift indexes were
studied by Hao et al6p], the results from which mainly illustrated the influences of the strength
reduction factor and the pegeld stiffness on the correlation coefficients. OuYang and Liu
[66] studied different parameters, i.e. hysteretic models, energy dissipation, ductility factors,
and dynamic parameters of a SDOF system that was subjected toigtorg-analysis. The
results showed the significant influences of these factors on the lediduaapacity of the
system. As a conclusion of the abawentioned studies, most of the SDOF systems were
analysed for bilinear elasfadastic hysteretic behaviour where the targeted-dlzaped
hysteresis was absent.

Studies by Christopoulos et &.7,68], Pampanin et al6P], Christopoulos and Pampanii0]

and Seo and Sauserl] all noted the influence of such parameters @yasting stiffness,
energydissipation, etc.) on the hysteretic behaviour. These previous studies examined the
different SDOF models utilising different energy models, namely linear elastic, bilinear elasto
plastic, idealisd flagshape, and stiffness degrading system (Takeda hysteresis). These
hysteresis models revealed the significance of the loop characteristic on the permanent residual

drift ratios. Christopoulos et al6T] conducted a comparative study of time history dynamic
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analyses of SDOF systems that utilised two hysteresis behaviour, namely bilinegplaktito-

and flagshaped hysteresis. The key parameters were based on displacement ductility, absolute
acceleration, and absorbed energy. The results of this study drew significantly the difference
between the hysteretic SDOF systems in terms of residual deformations, also it showed that the
elastoplastic hysteretic SDOF systems incurred residual deformations compared with the flag-
shaped hysteretic systems which haa zesidual deformations. It should be mentioned that

the flagshaped hysteretic model utilised various postding and energy dissipation
parametersThis parametric study gave the applicability of using these models on other self
centring systems. The critical discussion of the analysedsHaged hysteresis (which
represented the steel MRFs incorporating with idealised energy dissipation systen))(PTED
revealed that this model is the most relevant to the current study. Of these types,sheftd)-
hysteretic response that offered zero residual deformations in the dynamic analysis will be

discussed in detail.

McCormick et al. 72] studied the permissible residual deformations in terms of functionality,
construction, tolerances, and safety. Treergingresults were: the functional index was
between 0.5% rad to 0.6% rad; when the inclination equals 0.8% or more causes people to suffer
headaches, dizziness, and hindrance, also, the construction tolerances for steel steretures
between 0.14% rad to 0.14 +5/span; and over 0.5% rad found to be not economically feasible.
Finally, according to safety factors, structures are considered to be safe when residual drifts are
less than 1 % rad. However, McCormick et @2][suggested setting 0.5% rad as the permissible
residual drift in all categories. The study that considered the physiological and psychological
effects of the inclinations and slopes on the dwellers, this study kind gave a good estimation for

their percepbin regardless to the type and nature of the structures.

Erochko et al. T3] conducted a comparative study between SMRFs and BRB frames in terms
of peak and residual deformations, drift concentration, incremental drift ratios (the increase of
the peak intestory drift to the residual drift), and the number of stories. They found that the
BRB frame had larger residual drifts compared with SMRF in most cases, they presented two
estimation formulas to evaluate the residual drifts, these equations are functioned of three
parameters (expected peak drift, initial recoverable elasttcaind drift concentration factor).

The analyses were limited to ssxorey levels and designed according to only one standard code
(ASCE *05). Therefore, the residual drift results had significant values with a scatter pattern.
That leads t@ needor more studies in order to capture and involve more key parameters in
the analysis. In the same approach of a numerical investigation, Sabelli7&f abrjducted
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the seismic analysis on the BRB frames (three and sigysj®ubjected to a set of intensity
hazard levelsincludingdesign basis earthquake (DBE) and minor residual deformations under
the maximum considered earthquake (MCH)e results showed that the mean of maximum
residual stagy drifts was between 0.5% to 0.7% based on the number of stories, these values
surged to 2.2% under MCE earthquakes. However, despite of the potential problems that were
effectively overcome by utilising the bucklirgstraired braces, the significant residual

deformations were presented in these systems may lead to complete loss of the structure.

Hatzigeorgiou and Papagiannopoul@$][proposed empirical equations that evaluated the
performance of SDOF structures based on the residual displacements. The maximum
displacement that is related to the irderey drift ratio and the ductility demand of the
structure were estimated in terms of the posid stiffness ratio and the fundamental periods

of the structures. As a part of this study, three examples (steel SDOF system, plane steel frames,
and reinforced concrete plane frame) were demonstrated in order to evaluate the maximum and
residual deformations of the illustrated structures. The results identified the significance of
residual displacements in estimating the maximum deformations. Moreover, thera was
similarity of results between this method and the “equal displacement rule” method. However,
the applicability of implementing this approach into any type of structure and thedegilée

of freedom (MDOF) systems were the most important outcomessostiidy. It should be
mentioned that the bilinear elagttastic models were adopted in this study and only two
parameters (postield stiffness ratio and the fundamental period) are required to estimate the
residual deformations of the system. The arguré&applicability of using this formula in any
structure type needs more verification and experimental evidenoeder to increase the

confidential level of the results.

Christidis et al. T6] proposed different empirical formulas based on comprehensive statistical
analysis. They conducteddynamic inelastic analysis of 36 momeasisting steel frames and

36 concentrically Xboraced steel frames under one hundred strong motion records. They
proposed simple and effective equations that predict the maximum seismic displacement based
on postearthquake residual deformations. Pgstd stiffness is a prerequisite to evaluate and
predict the maximum displacement. In order to evaluate theypdtstiffness an accurate and
precise numerical modelling is needed. The authors suggested as#isnvialge to have a
simple and easy way to proceed with the analysis. The sensitivity analysis of the seismic
response conducted by the authors showed that the concentridaihyced steel frame is less

sensitive than the momerdgsisting steel frame in terms of pgstld lateral stiffness. The
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moment resisting frame is more than 50 times than steel concentrically braced frame. The
empirical formulas proposed by Christidis et[@b] suffer from the lack of realistic dynamic
characteristics of the selected frames and the prior knowledge of the hardening parameter for

each frame, in addition to that requirement of the residual deformation as input to the equations.

Xiong et al[58] analysed steel frames with different heights under pushover and @izstio-

time history analyses. The study evaluated the peak drifts, residual drifts, and drift concentration
factors of the five targeted steel frames. The results revaalgaificant large scatter pattern

in the residual drifts. Under moderate and major earthquakes, the uppeniatussl of the
maximum residual drifts are 0.16% and 0.79%, respectively. The most important outcome was
the relationship between the residual drift and the height of the structures (increased linearly
with the height). This study proposed an equation that predetesidual drift in terms of the

peak drift, elastic drift, and drift concentration factor, more details about the function
paramegrs are infable2-1.The key arguments of this study are: the used software analysis of
SAP2000 which lackef modelling for the nonlinear behaviour of the joints, and the used
design code (Chinese code) without comparing with the international codes. In addition to that,
excluding the various configuration parameters except the height of the structure will

significantly influence the results.

Most of the previously mentioned scholars and researchers have investigated residual
deformations for SDOF systems. There are few studies that have been conducted on MDOF
systems. However, some scientists proposed equations to estimate residual drift ratios.
Subsequently, as a function of pgetld stiffness ratio, ductility factor, yield displacement, and
fundamental periods, effective and valuable empirical equations have been devEhbed.

2-1 presents the most used equations pertained to residual and maximustonytedrift
calculations. This table contains several empirical equations found in the literature presented
by various researcher$9-64, 68, 73, 75, 77, 78]

Some of these methods dot meet our structural system like Billah and Algivi], where they
conductedheirson reinforced concrete bridge piers that uasthape memory alloy system.
Others had investigated their formulas for bilinear SDOF systems. Based on the above
mentioned discussions of most relevant studies and formulas that were used to evaluate the
residual deformations of the structures, the most appropriate and convenient formula for the
flag-shaped hysteresis models is that proposed by Christopetiubs68], Hatzigeorgiouand
Papagiannopoulds'5], and Christidis et al.7p].
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In summary, researchers have raised their concerns about the investigation of peak drifts,
residual drifts, and drift concentration factors that lead to direct impacts on human livelihoods
in terms of property and environmental assets (of structures and buildings). In this thesis, a
novel selfcentring structural system developed at University of Galway will be further
advanced and validated. This structural system minimises residential drifts. In this study, a
promising strategy of using the STBF systento reduce the residual deformation demand will

be addressed.

Table 24: Equations that relate residual and maximum irgreydrift ratio.

Reference Description Equation Comments
Number
MacRae and @= @ BKMN;3 Q0 Q*;¢ 1) d'@:l maximum rﬁsidual hdrift; |@=
; isplacement  where the elast
E_aé\g%smma 1EN @ response line at the end of the analysis
- @= = J @EDA N 5 X crosses the zero forc
@= @= @ p. BKN-0=J Nia RO KRic QO line; @=displacement where the pest

elastic line intersects the zero force
line; @=yield displacement; r=
bilinear factor= %/ -5 -5= initial
elastic  stiffness: g=second  post
yielding stiffness; *; = yield force at
the top of the line; #5= yield force at
the bottom of the line
Structure type: bilinear SDOF system
Kawashima et @= [(1 FN/ N@ BKMNF1) R1 ©)] @ maximum residual drift; &
ductility factor; @ yield
al. (1998) displacement; r= bilinear factor=¢/
-5 -5 initial elastic stiffness: g=
second postyielding stiffness
Structure type: bilinear SDOF system
Christopoulos 4 g g+ \0% 4&&+ > 4&&H BKA&&x1 ®) 4 & &+residual deformation damag
1 BKM&&*= 1 index; 4 & &= residual deformation
et al. (2003) non-structural damage indexjand =
relative  importance factors fo
structural failure and nestructural
failure,respectively
Structure type: bilinear SDOF system
1 1 (6) @= maximum drift;
@= @ R+———F—(4F1)Q = == are fitted parameters that
= 6 6 depend on site conditions.
R=is the lateral strength ratio, defined
asR=mS/ K
Structure type: Primarily applicable to
the SDOF systems.
Ruiz-Garca et @-= Xy - (7) @= isthe recoverableelastic drift ;
J%+4161a2‘]a Fexp( Fayx (4F1) ) K @ maximum residual drift
al. (2005) 6;=is the fundamental vibration
period of the structure
a5 &= are fitted parameters that
depend on site conditions
R dis the lateral strength ratio, defined
asR=mS/ K
Hatzigeorgiou @ = (=6+ %@+ =@+ 6@ (1+ N =N) ®) @= maximum drift; d= drift; T=
period (in seconds);@ maximum
et al. (2011) residual  drift; = .= regression
coefficientsCould be applied to a
multi-degree of freedom (MDOF)
system representing a regular multi
storey structure with a symmetrical
layout.
Structure type: bilinear SDOF system

@=(aF1)(1 FN@,BKN&aF1) <1 4)

Ruiz-Garca et
al. (2003)

Erochko et al. @= (@F @ x ¢ 9) @ maximumresidual drift; d= is the
69 recoverable elastic drift;

(2011) @ elastic recoverable drift= yield
shear/ elastic stiffness of a typical story
Where (DCF) is the drift concentration
factor, definechs the ratio between the
peak interstory drift and the peak roof
drift And the DCF is normaded by a
factor of 2.5
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Reference Description Equation Comments
Number

derived for special momemesisting
frame (SMRFs) and

Structure type :bucklingrestrained
braced (BRB) frame structures

FEMA (2012) @=0,BKM@Q @ (10) @ maximum residual drift; d= drift
_ (11) @=yield drift Applicable to the SDOF

FEMA (2018) @=03k@F3@0BK®< @ 4@ 12) systems, system representing a regular
@= @GF3@ BKEBR4@ multi-story  structure with a

symmetrical layout Structure type:
Could be applied to muitegree of
freedom (MDOF)

Christidis et |@l= F0.053+ 0.109In(J) + 1.61| @ (1+ 20N (13) @= maximum drift; n= number of
storeys; @ maximum residual drift;
al. (2013) r= bilinear factor (posyielding
| @] = FO.071+ 0.076In( ) + 0.865| @ (1 + 0.04 N (14) stiffiess ratio = o -5 - initial

elastic ~ stiffnessy g=second post
yielding stiffness)

. - x (15) @ maximum residual drift; @=
(Zzhoa:]-nSQ) et al @: %G}AT[MO FI1 F N« T:’p@ + ( NFl) @ @G}] Fla maximum drift; @: yield drift
(16) =+ the peak ground acceleratic
(PGA)
4444 N N=is the posyielding stiffness ratio
@= *?3] ATIB5 FI1 F N« T'Zp@ +(NF1) @ @xFla primarily applicable to the SDOF
@2 @ systems

The first equationwas developed for
the SDOF systems with Takeda nd the
second equation were developer

Kinematic hysteresis models
respectively.
Gong et al. @= @FQ (17) @ maximum residual drift; @=
(2013) KF0.069 =Z+1.164 o107 N-8.58 maximum drift; @ yield drift, =~ the

peak ground acceleration (PGAY; is
the postyielding stiffness ratio.
Structure type: Primarily applicable to
the SDOF systems.

Xiong et al. @ @F @ (18) @ maximum residual drift; @=
(2017) maximum drift; @ yield drift
@=(@F@ Vé/aa( Q £ @ (19) @ elastic recoverable drift
= =5 (@ago
Billah and =05x B2x @°CFREx @O - (20) @ maximum  residual  drift@=
Alam (2018) “ T @ TR a0y maximum drift

V.= superelastic strain

Structure type: Shape Memory Alloy
reinforced concrete (SMARC) bridge
piers

2.5 Basic Background of SeHCentring System

As an inevitable process of scientific research development, théepsgining seltentring

system has been extended to various structural systems. Some scientists distinguished between
rocking and seiftentring behaviour. The rocking system connecth wacking joints at the

base that permits the vertical uplift movement of the structure corner, while tuerseihg

system connects with the presence of {pession (preension) unbonded cables that run

vertically or horizontally to return the systdo its original position (plumb condition).

Based on the previous research and studies, it is possible to classify-ttensaify systems

into two groups: verticabriented seklcentring system (A5C), and horizontabriented seH
centring system (F5C). The vertical orientation of seléntringsystems is equipped with pest
tensioning (PT) tendons or strands running vertically along the height of the building
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maintaining the unbonded connections. The cables are connected only at the top and the base
of the structure to allow the free vertical movement of the rigid block around the corners of the
structure. The horizontal orientation of sedintring systems natiains the joint connections
between the columns and the beams interface. Thetg@udbned strands, which run
horizontally through the beams preserve unbonded, contact between the body of the beams and

cables that are fixed at both ends of the structure.

This current scientific research will focus on the second approach of treesihg system
(horizontaloriented system), which is directly related to the research topic. Whilst the first
approach will be briefly covered because this system is the base of the noweensatig

system approach used in this study.

Whether it is a rocking or setientring system, the main idea is to provide three main pillars in

order to maintain rocking setfentring behaviour:

1. Free-contact connections between the base and the colW8€)dr between the beam
and column (HSC).
2. Posttensioning tendons or strands that are orientated vertically or horizontally to return
the structure to its original position (plumb condition).
3. Providing an energy dissipation device/element in the structure.
These three elements are crucially important to maintain safe rocking behaviour and self
centring of the structure after shaking due to any strong lateral loads. The outcome of combining
the hysteresis behaviour of these three elements providesshépgl hysteresis curve which
determines the behaviour of the structure. Maintaining thestiaged hysteresis behaviour of
the structure sustains the minimal residual drifts (zestdual drift) after severe earthquake
shaking. Previous studies covered the-(F system based on the first approach of the
verticaloriented selcentring system (A8C), which accommodates the uplift gap opening at
the base foundation of the structure (See, for example, Roké&t ahfl Tremblay et al7p)]).
Section 2.6.5 will present the SCBF system in detail as it is the pertinent part to this study.

2.6 Relevant Previous Research on Seitentring Structural

Systems

This section will briefly illustrate the verticariented seklcentring system. It is worth
mentioning that the numerous literatures about the rocking andesgting systems had been
presented in many scientific studies. The main idea of studying sigetEms is to find the

-21-



Chapter 2. Literature Review

significant relationships between them with the following targeted objectives: the reduction of
the residual drifts in all systems; the adaption of the-slagped hysteresis response; the
utilisation of the rocking behaviour in the connections and; thisation of the energy
dissipation system in order to reduce the forces in the structure. The common purpose between
all these earthquake resistaysstems is to keep the structures usable and functioning after an

earthquake.
The results of previous research related to the development@BEG@re organised as follows:

Unbonded postensioned precast concrete shear wall systems.
Unbonded postensioned precast concrete momeasisting frames.
Selfcentring steel momenentring frames.

Selfcentring steel plate shear wall.

o bk 0 DR

Self-centring concentrically braced frames.

2.6.1 Unbonded Post-Tensioned Precast Concrete Shear Wall Systems

In 1999, Kurama et al3P] introduced the unbonded pdsnsioned precast concrete shear wall
which was the first attempt after the PRESSS project initially commenced in the early 1990s.
The systems were constructed based on the vedtigited selcentring system; where the
pod-tensioned bars ran vertically through the horizontal joints between the precast wall panels.
Figure2-1 shows a schematic diagram of the unbondedfeostioned precast concrete shear

wall system Kurama et al32].
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Figure 2-1: Unbonded posttensioned precast concrete wall: (a) elevétijocross section near base.

[32
Kurama et al. 32, 34, 80], and Kurama33], illustrated in details the behaviour and design
concepts of the system. The analytical results highlighted the significant reduction of the
residual deformations when using the unbonded-fepstioned precast concrete shear wall
system. A good agreement was revealed between the analytical and experimental models,
proposed by Priestley et aB81], and Perez et &35, 82] . For the unbonded pestnsioned
precast concrete shear wall system, four limit states were adopted; namely, decompression,

softening, yielding, and failure limit states

2.6.2 Unbonded Post-Tensioned Precast Concrete Moment Resisting Frames

An unbonded posgiensioned precast concrete momeadisting frame was developed in the

same period of the development of the unbondedtpastoned precast concrete shear wall.
El-Sheikh et al. 28, 83] conducted analytical models utilising two different approaches: the
fibre element approach and the spring element approach. The systems were characterised based
on the horizontabriented selcentring system, where the pdshsioned bars run horizongall

through the bearsolumn connections. The structure exhibited-selitring capabilities with

low energy dissipation capacity. Furthermore, the previous experimental research which has
been conducted by Cheok and Leé84]and Priestley et al8[l], considerably revealed a small
damage results. FigureZshows a subssemblage of beaoolumn connection developed by
El-Sheikh et al.78].
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Figure 22: Unbonded postensioned precast concrete moment resisting connecip. |

2.6.3 Self-centring Steel Moment Resisting Frames

The importance of this system emerges its pertinence to #@&BF3ystem in this study. Thus,
self-centring steel moment resisting frames {(SKRF) will be discussed in this section.
Garlock et al. §5] and Ricles et al.4[7] developed this system at the beginning of the new
millennium. The SESMRF referred to the horizontaliented sekcentring system, where the
posttensioned (PT) bars run horizontally through the bealnmn steel connections; energy
dissipating devicesra required to collaborate with the p#shsioned strands in order to

diminish the residual deformations from the structure after shaking loads.

This system was studied by several scientists maintaining the same concept ofcbetset

steel moment resisting frame system that was inspired from the unbondedngasted

precast concrete momerasisting frame. The main distinguished elements between various
SCG-SMRFs studies are the energy dissipating devices. Some scholars had represented this
system using different types of energy dissipating elements attempting to develop or handle the
drawbacks of some studies i.e. Garlock et&8),[Ricles et al.47], Christopoulos et al6[7],

Wolski et al. B6], Kim and ChristopoulosbP], Garlock and Li 7], Lin et al. B8], Chi et al.

[89].

Garlock[90] investigated the SSGMRF which utilised the seat angles at the top and bottom
flanges of the beam providing energy dissipation mechanism. These replaceable structural
elements that are combined with the bilirekstic postensioned tendons provide adl

shaped hysteresis behaviour which maintains the zero residual drifts. Garlock &) al. [
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performed experimental tests investigating the behaviour of the replaceable seat angles and the
PT connections subassembly in terms of different parameters, for instanate@mspression
stiffness, momentotation connection, po$énsion behaviour, ergy dissipating behaviour,

etc. The results showed that using angles with a larger ratio (bolt gauge length to angle
thickness) provided better resistance and energy dissipation under cyclic loading. Moreover,
the outcomes of evaluating the PT connection performance revealed that increasing the number
of tendons will increase the moment capacity of the connection owing to the stages of yielding
angles and boosted pestiffness. This connection rocking behaviour provides significant large
ductility capacitybefore yielding the main structural elements. Thus, the beams and columns
behave or deform elasticallgarlock et al. 1] provided a predictive equation that may be

used in the design of the pdshsionedsteel moment frame connection. These equations
provide a good estimate of stringent and key parameters of the system, such as: maximum
connection moment, strands forces, decompression moment and gap opeming2-3
illustrates a schematic diagram of the-SRRF system developed by Garld&]. Despite of

the several advantages of this system, the plane section of the beam does not remain plane after
deformation near the beacolumn connection, and this is due to beam local buckling problem.
Garlock et al. 92] presented a nonlinear time history analytical model for th&€MRF that

was verified by the author’s experimental tests. They studied the design and behaviour of the
PT connection and PT frame system. The most important issue that emerged during the study
was the relationship and interaction between the PT frame and floor system. The flooring
system should be designed and carefully examined for additional forces that emerge due to the
expansion and rotation of the PT connection as a result of the dessegpend gap opening.

In addition to that, the additional axial forces produced in the beams itself due to the restrain
conditions between the PT connection and floor system must be considered in the design of the
beam. This induced axial force should lolel #0 the postensioned forces, as these forces are
considerable and variable along the PT frame. In Garlock and her colleague’s study, the design
limit states objectives were targeted to achieve immediate occupancy and collapse prevention.
It is worth noting that the results illustrated zero residual deformations under the design basis
earthquake (DBE) and minor residual deformations under the maximum considered earthquake
(MCE). The expected storey drift demand showed a good estimation, however, thmimaxi
expected axial and moment in the connections were not estimated well, particularly in the
exterior and interior bays. The tests represented less realistic situation by neglecting the

interaction between floor and beam from one side and the PT from the other side.
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Figure 23: (a) Schematic of a pestnsioned moment frame, and connection detb)ls

Moment rotation behaviowf posttensioned steel MRF connection with seat angi&s. [
Garlock et al. 93] investigated the effect of tHor diaphragm on the expansion of the self
centring connection system proposed earlier by the same author. They provided various
practical solutions and considerations in order to maintain the functionality of the gap opening
mechanism and to provide algtion for incompatibility matters between the flooring system
and the PT expansion. The results showed the design procedure of the PT frame and floor
system can also be done based on the approached presented by Garlo® Jesirad. Jising
performancebased design strategy. It must be noted here that the performance of their proposed
PT frame systems must be evaluated using nonlinear dynamic analysis for realistic buildings of

various heights, plan dimensions, and locations andpaccy targets to declare its validity.

Ricles et al. 94] conducted several experimental -S®IRF largescale subassembly tests of
wide flange beartolumn connections. The subassembly was similar to that of the Garlock
research which utilised the horizontaiented sekcentring system bysing seat angles on the
beamto-column interface (the top and bottom flanges of the beam, that angles were connected
to the column) to provide energy dissipation response. The key components of the results
demonstrated the flaghaped hysteresis behaviofin excellent behaviour was illustrated by

the connections which are related to stiffness, strength, and ductility under nonlinear cyclic
dynamic loading. As a result, the system maintained-ra=idual deformations under large
cyclic loading. Accordig to the author, the wide flange SMRF may need some amendments
(reinforcing plates, shim plates) to maintain the elastic behaviour of the beams and to control
the local buckling flange. Figui24 shows a schematic diagram of the-BR®F system and

the moment rotation behaviour of the connections. Simple design and predictive models are
proposed by the authors for estimating the decompression moment, post tension forces, and
maximum moment connectiand these models were in good agreement with the experimental

results. The key issue tbat this model needs be verified and tested and ensured about the
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performance of the behaved se#intring systemRicles et al. 47] conducted analytical and
experimental tests steel momentesisting frames (MRFs) with pestnsionedconnections.

Among the findings of Ricles et al. 47], increasing the angle thickness and decreasing its
gauge length resulted in increased angles' stiffness, which increased the strength, stiffness, and,
the dissipation of energy after decompression of the system. When the forcetehpmsted

strands increases the moment capacity of the connedtanéases. In contrast, the flanges of
beams are susceptible to yielding when excessivetposioningorce is applied despite of the

presence of the flange reinforcement plates in the beams.

Figure 24: (a) Schematic of RMRF connection and SBIRF with PT connections (b)
Momentrotation behaviour of PAMRF connections.94]

Christopoulos et al.g[7] introduced a new energy dissipation device supplied to the energy
dissipating elements in the sekntring system. The SSMRF system developed by
Christopoulos is known as the Se#ntring Posffensioned Energy Dissipating (PTED)
system. These replaceable energy dissipating (ED) elements consist of buckling restrained
energy dissipating bars (ED) whose purpose is to yield in tension and compression under the
cyclic loading with a gap opening mechanism. Experimental and numerical modelling analyses
wereconducted by Christopoulos to verify amalidatethe behaviour and performance of the
PETD system. A largscale experimental cyclic test was conducted on two energy dissipation
bars (Exterior bearmnolumn PTED connections). Figu2es depicts the schematic details of the
PTED system and moment rotation behaviour of the connections developed by Christopoulos
et al. B7]. The results were very similar to Ricles et @#l][i.e. the flagshaped behaviour and
zeroresidual deformations under large drift cyclic loading. The results of the cyclic response
of ED bars illustrated good energy dissipation behaviour. To understand the connection
behaviour of the ED bars combined of the moment resisting frame, more investigations are
required. It is important to design the PTED systems for structures with different heights,

dimensions, and locations, and to evaluate their performance using nonlinear dynamic analysis.
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Figure 25: (a) Schematic of RMRF connection and with PTED connections (b) Moment
rotation behaviour of PTED connectior§.7]

Christopoulos et al.9p] discussed the analytical investigation into the inelastic response of
SDOF system and the flaaped and elasfaastic hysteretic behaviour exhibited by the
system. All systems were subjected to 20 ordinary ground motion records. The initial
fundamentalperiod and the strength of the system are given in order to have a realistic
comparison between the models. These SDOF models incorporated two key parameters (post
yielding stiffness coefficient and enerdissipating coefficient) to demonstrate the daéie
force-deflection relationships. Various values of these two coefficients can be employed in order
to observe the performance of the PTED connection. Consequently, the residual deformations
could not be eliminated from the elagtiastic system, while the flaghaped system exhibits
an excellent resistant performance to residual deformationsrgsdual deformations). This
study enhances and supports the new seismic resisting system by using-teatset

behaviour compared with conventional systems.

Rojas et al. 48] developed a SGMRF similar to the previous studies, but it utilised a new
passive friction device to dissipate energy. This new system is known as theriRasted

Friction Damped Connection (PFDC). The friction device is attached at the top and bottom

-28-



Chapter 2. Literature Review

flanges of the beam that interfaces with the column. The PFDC maintains tishdlaed
hysteresis behaviour that is obtained from the horizontal unbondedepss&in bars and
friction device. From the inelastic analyses on the two prototype buildings-¢tosy, four-

bay steel MRF with PEDCs) conducted by Rojas, it was evident that no residual deformations
appeared after earthquake loading. The satisfactory inelastic performance was noted in terms
of strength, deformations, and se#intring capabilities96]. Figure2-6 shows the schematic
details of the PEDC system and connection behaviour. The results showed better behaviour of
this system compared with tkpecial moment resisting frame. In addition to that, the seismic
performance of former systems indicated a good result for thestaey drift and local
deformations. However, the only downside of this system is the interference between the slab
and thecolumn connection, which negatively affects the rocking behaviour giagh@pening.

In the same context, other studies had been conducted by, for example, Kim and Christopoulos

[50] with more details about the boundaries interface and gap opening mechanism.

Figure 26: (a) Schematic elevation of a pashsioned steel MRF, and friction damped
connection detailgb) Idealsed momentotation behaviour of PEDC systerdd]

Wolski et al. B6] proposed a single friction energy dissipation device that is attached only at
the bottom of the flange beams (BFFD) to solve the conflict matter between the top friction
device and the floor slab interfering in the PFDC system. The analytical and expalime
outcomes of testing this system showed the significant advantages of this energy dissipating
alignment device in maintaining affective selfcentring system. It is worth noting that the
asymmetric behaviour (flaghaped) of the BFFD system was acquired due to amr anti
symmetrical friction device. The only drawback is the additional reinforcement plates needed
at the top beam flago minimise the strains in the system. Fidisfallustrates the schematics
details of the BFFD system and connection behavibi). JWolski et al.[51] conductedan
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experimental study to verifgnd test the new system (BFFD). Seven experiments (0.6 scale)
were performed on the saléntring beantolumn connections with BFFD. The results revealed

the reliable and expected energy dissipation that provided a good behaviour under earthquake
excitations. It is notable that the results showed a failure of the connectionsregitme of

fillet weld at low cycle respons€&urther study was conducted by lyama et@f] [n order to
investigate the significant increased strains at the top flange duedasytnenetrical behaviour

of the systems, and therefore, long reinforcing plates were required.

Figure 2-7: (a) Schematic elevation of a pashsioned steel MRF, and BFFD connection
details(b) Idealsed momentotation behaviour of BFFD systeljbl]

Wang and Filiatrault 98] conducted shaking table tests that accommodated two different
seismic lateral resisting systems. The novel-Selfitring PostTensioned (SCPT) system and

the conventional fully restrained steel moment resisting frame (SMRF) were used in this study.
The results showed a good seismic performance of the SCPT system compared with the
conventional one. The most important findings were the decreased repair damage costs of the
novel system compared with the SMRF system. In addition to that, when the SCPT system i
subjected to severe ground motion, unexpected vertical movements due to the insufficient
friction resistance of the beaoolumn connection become noticeable. Figei& shows the

interior and exterior connections of the SCPT as installed in the shaking table tests.
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Figure 2-8: SCPT beantolumn connections (a) interior connection, (b) exterior connection.
[98]

However, to eliminate the effects of the interfering between the slab and the top replaceable

energy dissipation device and to avoid the asymmetricaktiaged hysteresis behaviour, the

studies have been oriented to attach the web beam face with ipatthgselements instead of

the beam flange connection. Lin et 8] performed a largscale experimental test (a 0.6 scale

model of two bays of the SMIRFs) using web friction devices (WFDs). The model used in the

experimental test was designed using performdiased design (PBD) under the DBE and

MCE performance level3.he results from the experimental test showed no damage revealed

under DBE with capability of selfentring approach. Figu&9 shows a schematic diagram of

the SGMRF with details connection (WED). Dimopoulos et &9] proposed a new self

centring steel podensioned connection using web hourglass shape pins (WHfslindings

from theexperiment concluded that the WHPs connection can supply no residual deformations

(zeroresidual drifts). In addition to that, the WHPs have no interference with the floor slab

interface. More studies are needed to verify and validate these systems.

Figure 29: (a) Schematic of a Bay SCMRF with PT strands and WFDs (b) Connection
details(c) Conceptual momemelative rotation behaviour of connections with WFEB3][
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Shabankareh et dl100] proposed a novel system of connections in order to eliminate and
remove the residual deformations. They developed a newesgling moment resisting frame

using a Resilient Slip Friction Joint (RSFJ). This tool provided two systems of dissipation
energyand selcentring behaviour in one component. In addition to the analytical model
presented therein, the experimental tests were performed in order to validate and demonstrate
the behaviour of the system. The results showed asflaged behaviour of the connections,
which led to an excellent behaviour of the sedhtring behaviour leading to eliminate or
decrease the damage. Fig@r&0 depicts the schematic and the components of the moment
resisting frame using RSFJ connection. This research still needs more investigation and
experiment tests in order to have more clear view about its validity. It is important to have a

feasibility stugy from cost point of view to make a good comparison with other similar systems.
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2.6.4 Self-centring Steel Plate Shear Wall

The importance of this research (Sedintring Steel Plate Shear Wall, - SBSW) stems from

the direct relationship with the SCBF system. This structural system has the same approach
of replaceable energy dissipation elements and fmdumn connections. Clayton1q1],

Clayton et al. 102], Dowden et al. 103] and Winkley[104] developed a selfentring steel

plate shear wall (SSGPSW) that consists of the horizontal joint unbonded-feostioning
tendons and thin steel web plates (infill steel wall) that dissipate the energy through the diagonal

tension action.

A self-centring steel plate shear wall (S8PSW) structure has been developed by the NEESR
GR project under the collaboratiohseveral academic bodieg)p]. The SCSPSW structure
proposed a horizontariented sekcentring system, where the dissipative energy was provided
by a steel thin plate acting as a replaceable ductile fuse (infill steel plate). The web thin steel
plate provides large energy dissipatiand a higher initial stiffness to the system. However, the
web steel thin plate has tension field action and it is susceptible to buckling in compression
action. The web plate presents a fiaped hysteresis response that offers a good ductility
capacity and reduces the residual deformations in the system. Biglirehows the details

configuration of the SGPSW system developed by Claytao1].
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Berman et al.J05], Berman[106], Clayton et al. 107,108] have conducted several numerical

and experimental studies utilising different parameters that affect the resistant behaviour and
seismic performance level of the SPSW system. These studies revealed evidence about the
capability of the system to preseihe elastic behaviour of the main structural elements and to
return the structure to its vertical position (se#htring). It is worth mentioning that laboratory

tests conducted by Clayton et dlOf] were at different scales and under various loads. Quasi
static cyclic and pseuddynamic loads were implemented on these scaled modelss{add,
onethird-scale, and fulkcale). In order to verify the seismic performance levels, various
ground motion intensities and multiple seismic hazard levels were examined. Under various
dynamic loading of the structural systdhre frames remained elastic and the only element that
required replacement after the earthquake loading was the thin web plates. The obtained results
verified the concept of minimising both the pospair and downtime costs and also validated

the effectve functioning of the selenting mechanism (upright plumb condition).
2.6.5 Self-centring Concentrically Braced Frames

In this section, various setfentring concentrically braced frame @®BF) systems will be
discussed with reference to multiple studies. In this study, a ne@BEF system developed at
University of Galway will be introduced, which exhibits different ¢gufations and self

centring mechanism concept against the previou€BE system.

Similar to other seiftentring structural systems, the -®BF has been developed as an
extension to the unbonded pashsioned precast concrete walls concept that was launched in
the early 1990s. SCBF systems comprise beams, columns, braces, and energy dissipation
elements. In different SCBF configurations, a set of additional gravity columns is provided

to give a separate lateral load resisting system. ACBE system developed by Roke et al.
[109], Sause et al.5p] and Roke and Hasari10] incorporates a vertical uplift rocking
mechanism via vertical pestnsioned strands and uses extra devices for energy dissipation
behaviour in order to provide a sufficient sedintring behaviour. This arrangement of the

verticaloriented seHcentringsystem is supplied to offer flaghaped hysteresis loop behaviour.

Significant studies have been conducted in this research field by several scholars, including
Roke et al[52,53,109], Tremblay et al.19], Wiebe and Christopoulosl]1], Eatherton et al.
[112],All of these studies have the same design conceptsatffcentring concentrically braced

frame system utilising a verticakented sekcentring system.
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Roke et al. $2] introduced three frame configurations of the-SBF system, where two
configurations had frames without energy dissipation elements, whilst the third one had a frame
with an elastieplastic friction dissipation device. The only difference between thetiirs

similar configurations is the PT strands alignment location. The first configuration has the edge
end PT location, while the other PT cableslaoated at the centreline of the frame (middle
frame). The third configuration had two energy dissipation devices supported at the ends of the
frame (both edges of the frame) and the location of PT tendons is at the centre of the frame.
Figure2-12 shows the three schematic configurations as above mentioned. TBBS@as
designed to rock at the base of the columns, initiating uplift decompression movements (a rigid-
body rotation) without causing any damage to the main elements. Four limit states have been
opted to investigate the performance of the@F system under DBE and MCE ground
motion levels. These limit states are: decompression and uplift column, yielding of PT bars,
yielding of the main structural elements (beams, columns, and bracddgilure of the main
structural elements limit state. The - ®BF was subjected to two different loads: pushover
analysis and time history ground motions. The significant increase in ductility capacity and the
decrease in residual deformations have been noticed. The results were evident that the first two
frames (without the energy dissipation system) failed to fulfil the seismic design objectives
level. Meanwhile, the third frame, which had the energy dissipation elements behaved properly,
and met the performance design levels at immediate occupancy performance (DBE) and life
safety performance (MCE). It is worth noting that the outcomes of this study were based on
only one ground motion record. More ground motion records and loading protecaksealed

to test these different frame models in order to have the best configuration of @&FS<Ieel

frame. It is also necessary to have more details and specific diesigpéift forces at column-

base connections.

(a) i (b)

Figure 2-12: (a) Schematic of members and loads of th&€8BE system, (b) elastic response
prior to column decompression, (c) rigimbdy rotation after column decompressis]
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Roke et al. 109] considered three different SCBF configurations, the design and the concept

of the system’s mechanism are similar to those studied by Roke ®2]Jaln[this study, they
performed an analytical modelling with the OpenSees software that utilised nonlinear time
history analysis. There were three frame configurations, where one conventional frame had
posttensioned strands running along the edge colunas lof the frame, while the other two
systems had posensioned cables in the middle of the column centreline with distributed
energy dissipation elements located alongside of the exterior edge of the frames. In addition to
that, two sets of columns wieeemployed. That is, gravity loa@rying set columns and the
self-centring set columns. These two sets were located next to each other, separated by energy
dissipation elements pads at the atdevel. The only difference between the last two frames

is that the vertical struts were located in the upper stories in order to minimise the concentrated
mid-bay PT forces on bracing members. FizHi8 illustrates the three types of configurations

of the SCCBF system. The results showed that theCEBF systems which used the energy
dissipation elements had proper performance and significant effects on the reduction of residual
drifts demand. Moreover, the SCBF that utilised vertidastrut elements had considerable
redistribution forces on the upper bracing elements. Undigw devel of seismic force, the
behaviour of the SCBF system behaved similar to the conventional CBF system. The rotation
of rigid connection at the base needs to be designed correctly in order to have optimum design

of the system.
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Figure 213: Frame configurations (a) FRAME (A) FRAME D(c) FRAME DDIST[109

Sause et al5b] conducted prototype experimental studiest@ley of 0.6 scale test model),
for which they chose one of the frame configurations that were studied by Rokel@tal. [
The frame configuration had two adjacent column systemsc@B@nn and gravityzolumn)

-36-



Chapter 2. Literature Review

and was equipped with friction bearing dampers which were located at the floor diaphragm
level between the two exterior adjacent columns and had distributed vertical struts; this frame
was dubbed Bst by Roke et al[109]. Two sets of posiensioned strands were located at the
middle of the frame to provide a restoring force forceatring and resisting the uplift
movements. Four limit states (decompression, PT yielding, main members yieldimgaiand
members failure) were adopted to examine the performance level of the structure. Under
nonlinear seismic loading, the STBF revealed a significant ndmear drift capacity and
residual deformations resistance. Experimental results pointed out |sewgrartant
conclusions: good agreement between the previous numerical model and experimental
outcomes, no significant damage occurred at DBE performance level,latighih prestress
occurred at theVICE performance level, and in all tests the-GBF returned to its plumb
vertical position after the earthquake loading. However, it is worth noting that thentipgd
hysteresis loop behaviour was observed during the test. Rdutdlustrates the tested frame

configuration (DIST) and the photo of the frame.
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Figure 2414: (a) Schematic configurations of the DIST Fraimephoto of test structure55]

Eatherton et al.1[12] presented a selfentring system that utilised a new replaceable fuse
element that provided a dissipation energy device that leads the structural deformations damage
into the replaceable fuse. According to the authors, the system consists of three main
components: the steel braced frame that behaved elastically to maintain the rocking behaviour
around the base, restoring forces feceatring provided by the vertical pasinsioned strands,

and replaceable energy dissipating fuse that provides overturning resistance. The University of
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lllinois conducted an experimental test (0.43 scale) under -gt&si cyclic loading. The
configuration of this test was designed to have two braced frames separated by a fuse energy
dissipation device located at the centreline of the fragufe 2-15 shows the controlled

rocking frame with replaceable energy dissipating fuses). The function of the energy dissipation
fuse is to concentrate the structural damage into the replaceable fuse that leads to safety and
effective performance. In these testg tlagshaped hysteretic behaviour was a characteristic

to the seHcentring system, which is combined with the gtestsioned bilinear elastic with
replaceable fuse elastpdastic behaviour. The results emphasised the ability of the system to
lead the cocentrated deformations to replaceable fuse and to preserve the structure to the plump
vertical position. Further studies and investigations are needed in order to have a better

understanding of the performance and characteristics of the fuse element.
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Figure 215: Schematic of controlled rocking system in a dual frame configuration with
replaceable energy dissipating fusesl}]

Ma et al. L14], which is a companion paper of Eatherton etldl?], investigated largscale
shaking table tests. Two configurations were adopted in these tests: a single frame where the
shear fuses are located at the centre of the frame at ground level (single fuse) andtimdual
where the shear fuses are locateztween the two separated frames (miulse). The
comparable computational model using the simplified OpenSees model was implemented in
this study. The results showed that the systems have successtelgetig behaviour, damage
control, reliability of postensioned tendons, and fuse degradation capacity. R2gléshows
the schematic configurations of the single and dual frames developed by M4 ®4jaBsed
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on the results, the damping effects could not be captured at the detached lademn-
connection due pounding effects. This leads for needing more investigation on the practical

implementation of the system in order to verify the validity of the system.
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Figure 216: Schematic diagram of rocking frame configurations (a) single fi@neaual
frame. [L14]
Roke and Hasarl]( investigated the effects of the frame geometry on the seismic response
of SGCBF systems. They employed the previously examine€BE (DDIST by Roke et al.
[109]) to study three different configurations (featorey level). Nonlinear pushover and time
history dynamic analyses were used to explore the seismic response of@iFS(ilising
these three various configuration layouts. Whereas the pushover analysis showed that the effects
of the frame geometry were regnificantly presented on limit stadesign, the resisting forces
(due to weight and PT area) had the most influence. The dynamic response revealed the
propensity of decreasing the peak roof drift ratios due to increasing the geometry coefficient
(width of the frame) that is consistent with thereaseof the ED (Energy Dissipation) ratio.
Figure 2-17 shows the aforementioned configuration frame of theC8E. In this type of
systemthe details and design of the detached connections between the columns and foundation
are crucially needed. The uplift forces have to be estimated correctly as this is very important
to design the other elements of the system to restore and retaimutttarstto its vertical
position in an appropriate way. The tests importantly require more details about the interaction

between base and column from one side and the PT from the other side.

-39-



Chapter 2. Literature Review

Figure 2-17: (a) Configuration of the SCBF conceptb) rocking behaviour.]10]

Eatherton et al.1[15], as an extension to the previous research, presented various replaceable
fuse dissipation elements’ configurations and types. These types are theramgledual

frame, alternate fuse such as BRB type, and alternate locations. Hence, the oréstical
self-centring system was designed similar to Eatherton dtLaR] Figure 2-18 shows the

system configurations of SCBF approved by Eatherton et dll1p]. It is noteworthy that the

study maintains the flaghaped hysteresis behaviour for all different fuse configurations and
types. Several extensive studies focused on using the replaceable fuse dissipation energy, i.e.

Eatherton and Hajjad[L3, 116] and Ma et al.J17].
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Figure 2418: System configurations including (a) sinfri@me configuration (b) dugrame
configuration (c) alternate fuse type (d) alternate locations for compondits] [

In conclusion, all previous setentring concentrically braced frame systems accommodate a
verticaloriented seHcentring system approach, which has rocking connections at the base of
the structure. The most critical key aspects of this system arentipdeoaty of the baseolumn
connections and the difficulties in the construction and maintenance works. In addition to that,
challenges have been presented in repairing and replacing the damaged fuses after an

earthquake.

2.6.6 Other Relevant Self-Centring Concentrically Braced Frames

New systems that are used in-8BFs structures have been developed by introducing a novel
system with a bracing element that accommodates the restoring force and dissipates large axial
deformations[68, 79]. This system exhibits a salentring system that maintains the flag
shaped hysteresis behaviour that avoids incompatibility problems (related to the rocking gap
opening and interfering conflicts with floor slab functionality). The main drawbadki®f

system is the high expenses owing to the initial cost, fabrication, and maintaining the process
of the system. In this section, a brief description of the latest previous innovative studies will

be critically discussed.
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Christopoulos et al.6B] introduced a sel€entring energy dissipative (SCED) braces system
that provides a selfentring bracing device (single piece) which consists of two concentric
tubes that are equipped with Aramid fibre PT tendons and friction pads energy dissipation. The
incorporation of restoring PT force and friction dissipative energy maintains the expected flag
shaped behaviour. The system was subjected to-gtais axial and dynamic tird@story

loads. The experimental tests gave good results fecsetfing capabilities and validated the
proposed design and prediction equations. It is important to point out that the system lost its
selfcentring ability when the strands exceeded the deformations capacity. The extra dissipative
friction fuse is needed at the enfdboacing elements in order to provide extra protection to the
tendonsFigure2-19illustrates the detailed components of the SCED frame system. In addition
to that, more investigations are required in order to have clear understanding about the
behaviour of the system under different type of excitations. This type of system depends on the
mechanical behaviour tiietool used in the SCED franaad is in dire need to capture the self
centring behaviour correctly.

Figure 2-19: Components of the S€lentring Energy Dissipating (SCED) Bra¢és]

Tremblay et al. 9] examined the analytical modelling of mudterey structures (from 2 to 16
storeys) that utilised the S8®CED system which was introduced by Christopoulos e6@). [

The nonlinear pushover and dynamic timstory analysis were conducted by considering three
hazard levels (that is, 50%, 10%, 2% probability of exceedance). The main purpose of this study
is to compare critically between the new SCED system and bucklstigiined braces (BRB)
systems. Similar to Christopoulos et &8]|, the flagshaped hysteresis behaviour of the system

was presented in this research. The highlighted outcomes of this study are the supremacy of the
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SCG-SCED over the BRB system in terms of peakestdrifts, residual deformations, and better
resistance against collapse failure. Under different ground excitations, the SCED frames
showed higher peak floor acceleration ratios compared with the BRB frames. The study
revealed that lowise or shorperiodbuilding is expected to be subjected to higher seismic
loads in both systems. The authors indicated that realistic and good estimation for damping
dissipation ratios could lead to more realistic and beitesessment of the behaviour of the
systems. According to the above, more analytical and experimental studies are needed to have

more realistic and better understanding of the system.

Zhu and Zhangl[18] presented a new system for use in a concentrically braced frame, namely
a self-centring friction damping brace (SFDB) system that provideslicentring bracing

device which consists of two steel parts that are equipped with-slaséic Nitinol wire strands

and friction energy dissipation. Therefore, the incorporation of the -glgstic Nitinol wire

strands and the passive friction dissipative energy elements maintains the expecteaiitat
behaviour that effectively provides the sedintring capabilities Figur@-20 shows the
mechanical configuration and the components of the SFDB. The combined system of the self
centring of the supeglastic Nitinol wires and energy dissipation due to friction is shown in
Figure 221. Similar to the work by Christopoulos et &8], Tremblay et al.19] and Zhu and
Zhang[118]presented an analytical study focusing on two prototype tests-@immeg and six

storey frames) that were subjected to two sets of ground motions, each set containing 20
significant ground motion earthquakes. NLTH and pushover analyses were conducted on both
the SFBD and buckling restrained braced (BRB) systems. A comparative analysisnbiteve
SFDB and BRB frames was presented. The nonlinear analysis showed that SFBD system had
a significant reduction in the residual displacements compared to BRD system. The results are
similar to the outcomes of the Christopoulos et @8] and Tremblay et al[79] studies.
However, it is important to highlight that the SFBD system could not meet the MCE
performance level due to the limitations of the stgdastic Nitinol wires. In addition to that,
different energy dissipation and hardening parameters should be examined in order to have a
realistic and optimal design procedure for the SFBD system.
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Figure 2-20: Schematic graph of mechanical configuration of SFDB sy$tels]

Figure 2-21: lllustration of selfcentringmechanism of SFDB (a) Sekntring by
superelastic Nitinol wiregb) Energy dissipation by friction (c) Final behaviour of SFDB.
[118]

Zhu and Zhang118] proposed a seismic design procedure of a new system of concentrically
braced frame with special system of sahtring friction damping braces (SFDB). They used
two buildings of three and six storeys that accommodated the friction damping braces and
anoher set of system without friction damping tool named by SIPBn order to have a good
comparison and understanding between both systems. They designed the SFDB based on
displacement approach using DDBD method. FiggH2? illustrates the flowchart of the
idealised design procedure of theect displacement design method. Nonlinear dynamic
analyses of SFDB frame based on dmgplacement performance design procedure showed a
high accuracy in achieving the target displacement parameters. SFDB frames' superior
performances would result in reduced repair costs and service interruption due to their reusable
braces, minimal residudisplacement, and potential damage free design. The proposed DDBD
method, however, should be used with more precaution for metbenconstruction since it
tends to underestimate the maximum syodrift ratios and the brace ductility requirements.

This simplified design method excludes the concentration adystinift caused by the inelastic
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behaviour and contributions from higher modes of vibration. A building's displacement ductility
ratio and number of stories generally influence their effects. As a result of nonlinear time history
analyses, SFDBs have the potential to develop a new tyg8fsystem with sel€entring
capability that is capable of withstanding several frequent or even some dasegh-
earthquakes without requiring replacement, provided the target performance levels are properly

selected.

Figure 222: Flow chart of displacemediitased seismic design procedyrel8]

McCormick et al. 119] and Qiu and Zhu 120] presented a concentrically braced frame
structural system with shape memory alloy braces. The slgsic shape memory alloy
(SMA) system has two effects: the shape memory effect and theedaptic effect. These
related properties maintain the origirshape of the recovery status of the system after applying
loads (flagshaped hysterics behaviour). It is worth mentioning that this system has been studied
by several scholars by using this system as a damping device in sesigsiant structures.

The compared results between the SMA braces and conventional CBF system depicted the
prevalence of the former frame in terms of ®elfitring, interstorey drift levels, and residual
deformations. Further studies are needed in order to fully characterise the mechanical properties
and performance behaviour of the SMA system. Based on the performance design level, the
limit states design level of the designed new innovative structure is also needed tbditere a

representative structural seismic resisting system.
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Erochko et al.121] performed shaking table tests and numerical analysis on the SCED system
(as previously described). The prototype structure is a-ttossy office building designed for

a Class D site in Los Angeles, California. Hence, a 8cze model of the prototype structure

was subjected to 12 significant ground motions. The OpenSees and SAP2000 software were
used for the nonlinear time history anadydn the same context #se previous studies, the
results provided evidence for the capacity of theS&SED system to maintain the peak and
residual deformations, in addition to thelf-centring of the structure after seismic shaking.

Figure 223 shows the details mechanism of the SCED bracing system.

Figure 223: Selfcentring energy dissipative (SCED) brace mechanics detad] [

Chi et al. L22] developed a novel setientring tensiorenly braces (Sa@OBs) system. Figure

2-24 shows the arrangement of the -$OBs system. The numerical model analysis was
performed using SAP2000 software in order to study the key factors of the constructed new
self-centring system. The STOB system comprises from high strength steel cableiofnict
dissipation energy, and petsinsioned bars. The principle behind this system is to preserve self
centring concept and flaghaped stresstrain behaviour. The STOB multi-storey steel
structures that have been investigated were subjected to pushover analysis and nonlinear
dynamic analysis. In these research papers, the authors found that all structural elements remain

elastic at low seismic level, with full sedentring capability under severe seismic hazard and
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no residual deformations. Also, they found that theT&IB system presents a bilinear base
shear response with stiffness degradation at the yielding state (the softening behaviour of post
yielding systems). It must be pointed out that at a higher level of intetigtypper stories

dissipated no energy. This problem needs more investigation and effective solutions.

Figure 224: (a) Schematic arrangement of-$OB systenfb) Hysteretic behaviour of SC
TOB).[122]

Xu et al. [L23, 124 introducedan improved and advanced sekntring energy dissipation
(SCED) brace system that suppliesed:-centring bracing device which consists of disc springs
and friction pads foenergy dissipation. The incorporation of the mechanism of the working
stages of the disc groups with the friction dissipative energy device produces the expected flag-
shaped hysteresis behaviour. The seismic performance levels were adopted to consider four
different ground motions (frequent occurring earthquakes, design basis earthquakieium
considered earthquakeand mega earthquaBed-igure 2-25 and Figure 2-26 show the
components and configuration of the SCED braced frame system. The results of the nonlinear
seismic analysis highlighted the achieved objectives and the resilience of the seismic
performance of the structures. It is notable that this study ige¢sti only the lowise
buildings to accommodate the new system of SCED braced dravieee applicable and
validated models are needed to be verified for this system in terms of Inmgéh#ase buildings.

In addition to thagtsuch a system needs cost analysis to compare with other similar systems

47-



Chapter 2. Literature Review

Figure 225: Configuration of ASCB1p3]

Figure 226: Configuration of SCED brag@) Entirely ASCED bracéy) Guiding members
(c) Seltcentringsystem[124]

Nobahar et al.125] introduced the pogensioned sel€entring yielding brace system (PT
SCYBS). The system consists of six componentsinaar steel member, cylindrical shatft,
shield system, round steel link, anchorage plates, two pairs of steel bars, and PT wires. The
hysteretic response of thed{STYBS system accommodates a fd@ped behaviour providing

an effective seltentring systenfthe combination othe energy dissipation bars and post
tensioned wires). This scientific paper compared three steel structural systems, namely the PT
SCYBS frame, momenesisting frame (MRF), and buckling restrained braced frame (BRBF).
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The nonlinear time history analysis was conducted under three sets of significant ground
motions. The conclusions drawn from this study are as the following: #&%RFBS showed a
significant decrease in residual deformasicand demand parameters over the height at all
hazard’s levels, the PSCYBS also improved the values of peak estadrifts and peak floor
accelerations compared with MRF and BRBF. Thus, th&@YBS gave significant benefits

in terms of repair cost, repair/rebuild time needed, and arl@nobability of being unsafe
compared to MRF and BRBF frames. More investigations and experimental tests are needed in
order to extend and validate this kind of systems. FiQ42& shows the arrangements,

components, and parts of the-BTYBS system.

Figure 227: Schematic of RECYBS and its components2p]

Chen et al. 126] developed a new hybrid system. They employed two different systems, the
improved lateral seismic resisting system (buckling restrained brace (BRB)) and a new novel
of selfcentring system (setfentring brace (SCB). They performed four different comlmnati

from both systems in order to have the best optimal design. Six storey levels were tested under
static and dynamic loading protocols. These models accommodated single and combined
systems of BRB and SCB. The combination of the systems showed the advantage and
superiority of this combined system in terms of floor acceleration, drift ratios, and residual
deformations to the BRB and SCB systeRigure2-28 shows the hysteretic cyclic behaviours

of the energy dissipation system for the BRB, and SCB, respectively. Despite of the positive
results of combined system, the residual deformations cannot be totally removed and more

economical and feasibility studiase needed in order to invest in this kind of technology.
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Figure 228: Cyclic behaviours of the considered braces (a) Buckling restrained brace (BRB)
(b) Selfcentring brace (SCB)1R6]

2.6.7 Novel Self-centring Concentrically Braced Frame Structural System at

University of Galway

The development of a novel sekéntring CBF system at University of Galway commenced

with O’Reilly et al. [L]. This novel system for CBFs utilised the horizontal approach of the self
centring system. Theoretical and numerical descriptions of th2-[2dy singlestorey model

were explored using the OpenSees software to investigate the behaviour ofSEBIHF

system. Experimental quastatic pushover analysis was conducted at the large structures
laboratory, University of Galway, to evaluate the performance of theeedring system. These

tests revealed a good comparative results agreement between the analytical and experimental
behaviour of the proposed SCBF systemFigure 2-29 depicts the arrangement of the-SC

CBF and the connection behavioG#6].

Figure 229: (a) Schematic arrangement of a ®&XBF (b) hysteresis behaviour for the-SC
CBF. [56]
O'Reilly et al. [L] and O’Reilly and Goggin$p] evaluated the comparative performance levels
between the selfentring and the conventional CBF systems. The direct displacéased
design approach was used to design and analyse the systems.-stdlgeselfcentring
structure was used to study the performance of the systems. Two levels of seismic intensity

were adopted, namely DBE and MCE seismic hazard levels. The nonlineanigtorg-
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analyses were applied to evaluate the seismic performance levels. THaseklnit states
were targeted for the analysis and evaluation (bedassic, columrelastic, PIelastic, IDR,
RD, and braceductile). The results showed that all the targeted performance levels were

achieved at both seismic hazard intensities (DBE and MCE).

As a part of this researabxperimental tests of the 3D singirey model have been conducted

at the Institute of Earthquake Engineering and Engineering Seismology (1ZIIS), R. North
Macedonia in order to develop and extend the previous reseddditionally, further
numerical and experimental analysis will be discussed and presented. A full scale of the 3D
frame was mounted on the 5x5m shake table in the DYNLAB, IZIIS. TRE€B¥E structure

was modified and extended to accommodate different sets ofsbf@asesnergy dissipation
elements). The SCBF system wasubjected to two real ground motion records (under
uniaxial loadings with various shake table motions). The behaviour of tHeB&FCstructure

was evaluated by using different displacement devices (strain gauge, load cell, and transducers).
Based on the téag results, the important parameters that represent the performance of the
structure were investigated i.e. tension and compression element®upkigtg capacity,

ductility demand, connections strains, ptestsioning forces, etc.
2.7 Summary and Conclusion

Earthquakes and related disasters have endured severe negative impacts on human life and
property, causing widespread damage to structures and environments. Tdneajresttructural
functional integrity and the repair costs are generally defined by theapent residual
deformations, which is used by most researchers as damage indicators in the structure (residual

deformations).

Previous works in the literature highlight the benefits of utilising-satitring systems in
structures. The key characteristic of smdhtring -systems is to provide the fladaped
hysteretic behaviour which effectively maintains zero residual defamnsain the structural

system after earthquakes in most cases. As previously mentioned, the three main components
utilised to maintain the setfentring system are petnsioned strands, energy dissipation and

a rocking gap mechanism.

The two main categories of s@éntring systems that have been adopted in the literature are
verticaloriented and horizontadriented sekcentring systems. While most of the previous

studies focused on vertical rocking mechanisms foiCBE to achieve mergy dissipation, it
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was decided to concentrate this study on utilising the rocking mechanism in the horizontal
direction, i.e., at the level of the connections between the beams and columns in a concentrically
braced steel frame. In other words, locate rocking connections at thecbkamm interface
(thehorizontallyoriented seHcentring system). Previous research has shown that this approach
can provide a simple and reliable design of-selitring systems. It has been shown to have
significant advantages compared to some other systems in terms of functionality, fabrication,
maintenance and compatibility. Furthermore, this innovative solution overcomes the
complexities and uncertainties due to silicture interaction challenges experienced by the

existing selcentring gstems that are based on foundation rocking mechanisms.

The selfcentring system that will be explored in detail in this thesisdeaeloped by O’'Reilly

et al. []. Utilising laboratory puslover tests and numerical models, this system was shown to
have a flagshaped hysteretic behaviour, which fundamentally differs from the conventional
lateral resisting systems. The desirable horizontal orientedCEC system andeadily
replacement energy dissipation elements (that is, the brace elements) exhibited excellent self
centring and rocking behaviour of the structure, which provides less residual deformations and
improved reparability limits. However, it is prudent tettinis novel SECBF system on a shake

table using realime earthquakes to prove that this system is reliable in earthquakes and can
safely return to its original position after an earthquake to easily allow the bracing elements
(which are the energy digsiting elements) to be removed and replaced. Furthermore, clear
design guidance that are aligned with provisions in the Eurocodes are required to support
designers in the use of these systems for structures. From the literature, it is also evident that
this novel SCCBF system needs to be tested for use in mstdtiey buildings in seismically
active zones. These gaps will be addressed in this thesis through shake table testing, the
development of design guidance and the development of robust digitaftwihe SCCBF

system. The design procedure will be validated and verified against both experimental time
history testing through shaking tables of specifically designe€BE and against numerical
seismic transient simulations of such frames that imclbdth material and geometric
nonlinearities. To support this, a dedicated material testing program to characterise steel
behaviour under uniaxial and cyclic loading is carried out as part of this work. It is envisaged
that this comprehensive approach witisure reliable results, wedlpported conclusions, and

a robust novel SCBF system that can be utilised in buildings in seismically active zones.
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3.1 Introduction

The mechanical properties of materials are crucial for evaluating the behaviour of structural
elements under seismic loads. International standards, such as BS 10002, ASTM E8/E8M and
ISO 68921 [127-129, provide guidance on obtaining mechanical properties of steel material
under tension loading. However, a more comprehensive understanding of material behaviour
under dynamic and cyclic loading experienced during earthquakes is necessary for sound
structual design and performance evaluati®he cyclic behaviour of steel elements reveals
much more information or data about the deterioration of the structure due to reversal
deformations compared with monotonic loadings30-132]. Hysteresis and hardening
behaviour of structural steel provide better insight into the-stvength factor of the yield and
ultimate strength of the material, which is very useful for economising the earthepsatant
design. Combining the fatigue and stréfs-behaviour of the material helps improve
sustainable design of the structure and the predictability of its realistic life span under cyclic
loading.

In 2019, a novel selfentringconcentrically braced frame structure carried out shake table
testing at the DynlakZIlS, Skopje, North Macedonia (refer to Chapter 4 for further details).

To fully interpret the performance of the structural system and develop accurate numerical
modelsreliable material properties are essential. These properties are necessary to interpret the
performance of the structural system accurately and to develop numerical models that comply
with relevant standards and codes. In particular, material properties of the bracing members are
required, as these elements play a significant role in resisting lateral load and dissipating energy
during earthquakes. In addition, material characterisation of the gusset plates used to connect
the bracing elements with framedm elements is required, as these can also experience non

linear material behaviour during earthquakied.

This chapter providedetails of the tensile and leeycle fatigue material tests, which were
carried out in the Composites Testing LaboratoryL(C The testing procedures of the steel
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coupons are detailed. The material properties of the brace members and gusset plates are
characterised. The input parameters for developing fa@ment models in the future are

calibrated.
3.2 Previous Studies

Most of previous experimental studies in the area of fatigue and cyclic behaviour of metals
focused on vibratiomduced fatigue resulting from high cyclic loading. For instance, stainless
steel, multiaxial high strength metals, and highelic fatigue. Hhwever, such research may

not directly relate to seismiaduced fatigue in buildings. In seismic loading scenarios, the
cyclic effects typically involve low to very low cyclic fatigue, which differs significantly from

the high cyclic loading conditions commonly explored in such previous stutigis140]

Hassan and Kyriakide441] have worked on 1020 and 1026 carbon steels. The behaviour of
the 1020 carbon steel exhibits softening by contrast with CS 1026 that has quite stable
behaviour due to heat treatment. The authors attributed this difference to theodold-

manufacturing preess which affects the cyclic behaviour pattern.

Jhansal¢142], investigated three types of steel classified from high to low strength conditions.
All specimens have various transient phenomena. The results show that the SAE 1045 steel
exhibits a cyclically softening material and the SAE 1018 steel shows two different behaviour
at low and high strain amplitudes (softening at low strain amplitudes and hardening at high
strain amplitudes). The other tested steel types have generally hardening conditions. Marrow
[143] investigated various types of metals (fully annealed, partially annealed, and cold-
worked). He reported that the mild steels exhibit cyclically softening at low strain amplitudes

and hardens at higher levels of amplitudes.

According to Yand144], earlier researchers did not pay enough attention to the cyclic softening

behaviour of structural steel. He therefore investigated the carbon steel 45 under uniaxial cyclic
loading. The results showed a cyclic softening behaviour of the material. Jiang and Sehitoglu
[145] conducted tests on cyclic softening behaviour for the 1070 steel under multiaxial stress

states.

Aldeeb and Abduelmul§l46] , proposed higleycle fatigue test of S275 mild steel under
constant load amplitude withlead ratio of R=1, fully reversed. The-8l curve and Basquin

equation were obtained for machine and industrial purposes. Their tests investigated the small
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deformations of the materials which is not useful for cases of plastic deformations that often
occur under earthquake loadings.

Mrozinski and Piotrowski J47] investigated the S355 steel, they found the properties of
hysteresis loops to be significantly dependent on the strain amplitudes. The tests were
conducted at loveycle fatigue using 5 variable strain amplitudes witlvad ratio of R=1

(fully reversed). The results observed that the S355estpefiences softening behaviour under

low strain levels while at higher strain levels hardening behaviour is observed.

Nip el at. L48] proposed different material properties for-haited and coldlormed steel based

on cyclic tests. The tests were performed at-¢gale fatigue using many constant strain
amplitudes. They compared the three types of steel nameipltext carbon steel§355J2H),
cold-formed carbon steel (S235JRH), and clmdned austenitic stainless steel. The results
revealed that all types of steel exhibit cyclic hardening behaviour under different strain levels
ranging from 1% to £7% (constant strain amplitudes). The authors used bending tests in
addition to axial tests in their research in order to avoid buckling failure for thin specimens.
These results are particularly contrasting when compared to the findings reported by Mrozinski

and Piotrowski147]. In their study, material softening was observed under low strain levels.

As a summary ofhe previous studies, itycle softening behaviour did not receive enough
attention. Moreover, the range of investigated material categoriedimited to the high
strength metals and stainless steel most suitable for industrial use. In addition, most of them
focused on high to very high cyclic fatigue tests suited for high frequency vibrations

encountered in machines.

Therefore, these limitations in most of firevious studies inspired the authors to move forward
with the current study on the axial fatigue life assessment ofdaton steel using strain

control approach, with the purpose for use in seismic assessment of steel frames. It is worth
pointing out that the current study is part of a greater project concerned with the seismic and
fatigue behaviour of selfentred braced frames. Shake ¢ab#sts of a novel setientring
concentrically braced frame structwere carried out in the Dynld#IS, Skopje, R. North
Macedonia in 2019. In order to interpret the performance of the structural system and develop
the numerical models, reliable material properties, which should be verified and complied with
standardsrad codes, are required. In particular, material properties of the bracing members are
required, as these elements play a significant role in resisting lateral load. In addition, material
characterisation of the gusset plates used to connect the bracing elements with frame beam
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elements is required, as these can also experiencBnean material behaviour during the

shake table testing proposed by Goggins etldB]
3.3 Materials and Methods

3.3.1 Overview

The current research focuses on monotonic andclale fatigue tests to evaluate the
mechanical properties of steel necessary for tracing the performance of the structural systems
under seismic loading. The quasatic tensile test and constant strain amplitude cyclic tests are
presented. The results will be used to develop slifaimelationships and cyclic hardening
parameters, suitable for incorporation into numerical models to predict the fracture of structural
members that are subjected to largepltode cyclic loading that may result from severe

earthquakes.

In this study, the laboratory experiments were conducted on two European mild carbon steel
grades i.e. S275 and S235 to investigate the sitesa and low cycle fatigue behaviour under
monotonic and cyclic loading protocol. The tensile and fatigue coupons, taken from bracing
members and gusset plates, were tested at room temperature and at various strain rates for two
different loading protocols; monotonic tensile and constant strain amplitude of (x0.5%, +1%,
2+%, 3+%, 5+ %).

A total of 30 tensile coupons and 48 cyclic loading specimens were tested. The coupons were
machined from 4 mm, 3 mm, 2.5 mm thick bracing members (square hollow section (SHS))
and 4 mm and 6 mm thick gusset plates. The nominal yield strength of the coupons is 275 MPa
and 235 MPa for S275 and S235 steel clagsspectively.

For the purpose of statistical reliability, four S235 and four S275 tensile coupons were tested
for each bracing member. The total number of monotonic tensile tests is 20 coupons for four
categories of SHS bracing sections and the number of gussetepisite tests is 10 in total.

The monotonic tensile tests were performed according to European standard 1SDf6892-

the SHS and ASTM E8/E8M for the gusset plate.

In this study, the strainentrolled fatigue test is applied in order to investigate the cyclic
behaviour and failure of the materials. It is worth noting that the strain rates should be about
5x10° G°to maintain the heat effects during the test. In order to cover both the elastic and the

plastic ranges of behaviour, tests were conducted under five different strain amplitudes (x0.5%,
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+1%, 2+%, 3+%, 5+ %) under a range of universal standards provided by European and
American professional societies. The lowcle fatigue (LCF) is of most importance due to its
relevance to earthquake engineering. The most common method for predicting-thelBw
fatigue life of metals is the CoffiMason relationship.Coffin and Manson worked
independently during the 1950s. They found that the strain life data could be presented as a
linear relationship on lg-log scale, these parameters are important for the material numerical
modelling [L49, 150]

The expected data from the tests are loads, loading head displacements, and strain of the
coupon. The loads and the displacements of the loading head were recorded internally by the
Instron testing system. There were strain gauges installée imiddle of the coupon gauge
length. The unixial strain gauges used in the tests have a gauge length of 5 mm and a strain
limit of 5%. However, the maximum strain of the coupons in the monotonic tensile tests was
generally larger than 5%. Hence, the digital image correlation (DIC) technology was applied to
extract strain measurements when the strain gauges were out of range. On one side of the
coupon,ablack speckle pattern was painted. A camera was set up in front of the steel coupon
to record the images of the deformed speckle pattern. The next sections summarise the coupon
test results of the braces and the gusset plates. The average key mechzmectepiof the

steel coupons and the cyclic hardening parameters were discussed. The corresponding

coefficient d variation (COV) were also represented.

3.3.2 Methods

The methodology of tensile and fatigue tdastshown in Figure-1, which summarises the

major types of experimental regimes used for extracting the materials parameters in the current
study. As it is indicated, this section includes the research methodology of the study. In more
detail the experiments include the monotonic and fatigue tests. The monotonic reveals the
primary mechanical properties of the materials. Whereas, the fatigue test manifests the
hysteresis and hardening properties of the materials. The following sections will present the

technical test procedures for both tests.
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Figure 3-1: Flowchart of the methodology for the tensile and fatigue tests.

Therefore, this methodology will provide the mechanical properties of the tested material using
data obtained from tensile tests. These properties include ultimate tensile strength, yield
strength, ductility (percentage of elongation and area reductracjufe strain, and Young's
modulus. Furthermore, the tests provided valuable information for modelling the material's
behaviour under cyclic loading. Parameters for a mixed strain hardening model (isotropic and
kinematic) were determined from each hysteresis loop at different strain amplitudes.
Additionally, the CoffinManson relationship allowed for the extraction of strength and ductility
hardening parameters. These results from the difaianalysis are used for evaluating the
performance of selentring structures under resdrthquake excitations.

3.3.3 Test Materials

The materials of the specimens in this study are S275 and S235 steel grades. The specimens
wereextracted from gusset plates and bracing members after the completion of the shake table
tests. S275 steel is used in the gusset plates, while the S235 steel was used in the bracing
members. These specimens were used to investigate the correspondiagatehsiwcycle

fatigue behaviour. Tensile and fatigue tests were performed using flat specimens under a quasi
static loading rate for the tensile tests and straimtrolled at constant amplitudes for the fatigue

tests. All steel grades comply with BS EN 10@2BE51] and EN 1021% [152] standards.
Table3-1 shows the nominal yield and ultimate stresses of different steel classes based on the
European codelpl, 152] Thesenominal properties values will be compared with values

obtained from our experimental tests
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Table 31: Nominal mechanical properties of steel gradés1, 152]

Standards EN 100252 EN 102191 EN 102191
(Hot rolled products-  (Cold formed welded structural (Cold formed welded structural
Non-alloy structural  hollow sections Non-alloy and hollow sections Non-alloy and

steels) fine grain steels) fine grainsteels)
Steel Class S355 S275 S235
Fy (MPa) 355 275 235
Fu(MPa) 490 430580 360510

3.3.4 Specimen Preparation

3.3.4.1 Coupon Arrangement and Dimensions

The steel coupons were prepared based on both European and American standards. Specimens
for tensile and fatigue tests followed the geometries outlined in these standards EN IOS 6892-
1, ISO 12106 (E), ASTM E606/E606M, BS EN 100D2ASTM E8/E8M13a (ASTM
E606/E606M, BS 72701R7,129-131,153]. In order to ensure high statistical confidence, four
tensile test specimens were extracted from each bracing member and gusset plate. Three fatigue
test coupons were prepared per strain category based on I.S EN ISO[15@]D-This resulted

in a total of 78 coupons (48 fatigue and 30 tensile). As shown in F&Rré), there are
different types of test coupons for both tensile and fatigue tests based on test requirements and
standardg-igure3-2(b) depicts the location of the machined coupons which extracted from the
flat faces of square hollow sections opposite to the welded side. The welded face that formed
the SHS of the braces excluded. Therefore, there are various types of tensile and fatigue
coupons. In generalable3-2 shows the detailed geometries of the tensile and fatigue coupons

based on above mentioned standards, these geometries represent all different coupons.

As previously discussed, a tvatandard approach was employed for steel coupon preparation,
referencing both European and American specifications. The objective was to set test
parameters to meet both sets of standards, if possible. Otherwise, Europdandstavere

used. However, in some instances due to geometric constraints material test specimens only
meet American standards. Specifically, the fatigue test pieces for the structural hollow sections
(SHS) are based on the British Standdres], the tensile SHS test pieces are based on the
European Standard (ISO 6892p9]., and the tensile test specimens extracted from the gusset
plates are according to the American Standard. Therefore, because of the limited dimensions of
the gusset plates, European standards could not be achieved to extract thespecinoes

due to the inadequacy of the normative dimensions. In addition to that, the SHS (20x20x3 mm)
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coupon does not perfectly meet the standards due to the narrow width of the tube and the
machining process; having an 8 mm nominal width and without housjtegeged specimens.

Table 32: Nominal dimensions of monotonic and fatigue tests specimens based on standards
[1294131, 153]

Test T (mm) A (mm) W (mm) C (mm) R (mm) G(mm) L (mm)

Tensile 4 90 20 25 25 80 200
Tensile 3 75 12.5 18 12.5 50 200
Tensile 2.5 75 125 15 12.5 50 200
Tensile 6 32 6 10 6 25 100
Fatigue 2.5 7 6 12.5 12.5 7 100
Fatigue 3 9 5 8.0 10.0 9 100
Fatigue 4 12 6 12.5 12.5 12 100

Figure 32: (a) Nominal dimensions of monotonic and fatigue tests specimen starards (
Location of flat and curved coupon of hollow sections elemgttis]

3.3.4.2 Material Source
In this project, the coupons were subtracted from 4 brace members,wdrlinstalled on a
novel selfcentring concentrically braced frame structure and tested under earthquake loading.

Table 3-3 presents the different steel sections and classes which are included in the material
testing phase of this stud¥33].
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Table 33: Tabular and plate sections and classes.

ID- ID Sections  Steel Serial Thickness Number Notes
Description - Grade  Size (S235) (mm)
Sample
B40x40 S1 Tubular S235 40x40x4 SHS 4 2 Tensile and
Fatigue tests
B30x30 S2 Tubular S235  30x30x3SHS 3 4 Tensile and
Fatigue tests
B25x25 S3 Tubular S235 25x25x2.5SHS 25 4 Tensile and
Fatigue tests
B20x20 S4 Tubular S235  20x20x3SHS 3 4 Tensile and
Fatigue tests
Gl S1G Gusset S275 B40x40CBF- 6 2 Tensile test
plate G1
G2 S2G Gusset S275 B30x30CBF 4 2 Tensile test
plate G2
G3 S 3G Gusset S275 B25x25CBF 4 2 Tensile test
plate G3
G4 S 4G Gusset S275 B20x20CBF 4 2 Tensile test
plate G4

Following the shaking table tests, the tensile coupons were extracted from specific sections of
the bracing members ( FiguBe3 ). Each member was segmented into five sections. Coupons
were obtained from the two 30 cm edge segments, excluding the 20 cm middle section that
experienced significant plastic deformation during the tests (Shaking table).

Figure 33: (a) The specimen’s location on the bracing menfbephotos of the samples.

This study included tensile testing of gusset plates in two thicknesses (4 mm and 6 mm). Eight
coupons were extracted in total: two from the 6 mm thick plates and six from the 4 mm thick
plates.Figure 3-3 illustrates the specific locations from which these coupons were obtained
from both the gusset plates and the brace members. This approach ensured an optimal number

of test specimens for analysis.
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3.3.4.3 Specimens Nomenclature

Considering the high number of coupons and to avoid confusion, the test specimens were named
following the experiment sets and specimens that were extracted. The numbering of each
coupon will follow a specific form based on the reference point ajuilkset plate. For the SHS
coupons, for instance, the first tubular section which was cut out from specinieis S14-

1-A-1, where the numbers refer to the location and number of coupons based on braces type.
The letter (A/B/C) refers to the side from wth it was cut out. Specifically, the letter A refers

to the opposite side of theelded side, while the side in the courntkrckwise direction is
referredto as B and the side in the clockwise directioreferredto as C. The last number (after

the letter) depends on the number of coupons that cut out from each sample length, i.e. with
number 1 being the coupon nearest the reference point and sequentially increasing away from
the reference up to three coupons alorsgléngth in some cases. Figel details the
numbering system and style used for the tensile and fatigue coupons. The gusset coupons are
numbered based on left to right proximity to the reference point. The humberlef-&11

refers to the extracted coupon according to the type opikest. This alsas applied to the

upper gusset sample (8315-G) which is connected with segment 5 of bracing members. As

depicted in Figure 3, a specific numbering arrangement has been assigned to the samples.

Figure 34: The specimens nomenclatuad the lower part of the bracing membssnnected
with lower bean(b) the upper part of the bracing memimemnected with the upper beao) (
the details of the numbering sequences.
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@) (b)

() (d)

Figure 35: The coupon's location alignment of braces and platggXtracted coupons from
gusset and tubular sections) (SHS tensile and fatigue coupoao}pghotos for machined
tensile and fatigue coupons SHE} photos for machined tensile and fatigue coupons SHS.
Flat specimens were obtained for all steel grades by cutting them out using-eutasgr
machine to obtain the coupons. FigBrédepicts the profiles of the tubular sections for various
coupons. This machining technique is frequently employed for extracting such specimens. It is
important to note that the bracing members were fmited welded sections. Consequently,

the side coratining the weld was excluded from the specimen preparation process.

Figure 36: The laser cutting machine for obtaining of the specimen.
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3.3.5 Experimental Procedure (Test Program)

3.3.5.1 Test Setup

The tests for the tensile and the lowcle fatigue were carried out in the Composites Testing
Laboratory (CTL). The Instron sentordraulic fatigue testing system was used. As seen in
Figure 3-7, the steel coupon was installed in the loading machine with its two grip sections
clamped. Thestrain gauge was installed at the back side of the coupon, in the middle of the
gauge area. The strain gauge has a strain limit of 5%, which is generally less than the failure
strain of a steel member. Hence, digital image correlation (DIC) measuremenisanfermed

to supply the strain values when the strain gauge fdtedthis purpose, the front side of the
coupon was painted with speckle pattern. There was a camera facing the front side of the
coupon to perform the digital image correlation measientsit is important to note that the
camera initially recorded the video at a rate of 25 frames per second (FPS). However, during
the processing phase, the frame rate was reduced to 10 FPS. This adjustment may affect the
smoothness of the video playback, asdeftames are displayed per second, potentially leading

to choppier motion.

Figure 3-7: Test setup for tensile and lexycle fatigue tests
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3.3.5.2 Loading Protocol

During the static tests, the coupons were subjected to testing until fracture occurred. The strain
rates were carefully controlled to remain below 0.00028hsughout the tests, in accordance
with the ASTM E8/E8M and ISO 68922019 [L28, 129]standards.

There are various cyclic loading protocols for the fatigue testing of the materials. Concerning
the lowcycle fatigue tests, a triangular waveform of cyclic strain loading with fixed amplitude

is adapted for aontinuous stresstrain curve. For each type of steel, the specimens were
subjected to a constant strain amplitude (£0.5%, £1%, +2%, +3%, £5%). Fig§steo8+s the
constant straiamplitudepattern. The lowcycle fatigue tests were terminated when significant
failure of coupon observed or when the stress amplitude of a loop drops to 50% of the peak

stress.

Figure 38: Constant strain amplitude load history, adapted frds]).

In this study, the cyclic tests were performed based on the British stand&27BR.53]. In

order to obtain the cyclic strestrain curve, a half number of cycles to failure is used and 12
test pieces are needed to apply constant different strain amplitudes. For the 5% strain amplitude,
the strain rate is preferred to be slower and foirsamplitudes of £0.5%, 1%, £2%, +3%,

the strain rate could be faster. In this study, the loading is controlled by the moving rate of the
actuator head. For the fatigue tests, the moving rate of the head was constant, 0.0@lsten/s.

3-4 shows the detailed parameters setup of the & very lowcycle fatigue regimes.
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Table 34: The testing parameters of the fatigue tests

Loading Strain Number Expected Expected Expected time Expected
Protocol Amplitude of cycles time in sec  consuming Total
samples /sample (min)/sample time(hour)/all
specimens

Constant Strain +0.5% 12 1200 18000 300 60
Amplitude +1% 12 400 6000 100 20
(Companion +2% 12 150 2250 38 7.6
Method) +3% 12 70 1000 17 3.4
+5% 12 25 400 7 14

Sum 462 92.4

The setup parameters of the monotonic tensile test are listabllgB-5. In this study, a single

strain rate was used for each specimen varying from 0.01 to 0.6006 s

Table 35: The key parameters for performing the monotonic tensile test.

Tensile Setup Parameters

Type of Machine Instron Servehydraulic
Maximum Capacity 100 kN
Type of test Tensile test
Types of Materials Metallic
Types of samples Flat coupons
Number of samples 4
Total number of tensile coupons 20-SHS and 1@jusset plates (30 in total)
Temperature Test Room temperature
Strain Rate Constant
Type of test control Displacement control
Type of extensometers NOT USED
Type of strain gauges TML STRAIN GAUGES
Strain Rates (SR)
Up to proof strength 0.00025G°
From proof strength to the failure 0.00025 G ° The same strain rate
Steel grades
Tube sections S235
Gusset plates S275
Life to fracture Fully/Partially Separation

Fatigue tests were carried out on a constant strain amplitude, 3 coupons at each strain level,
which is expected to cause significant plastic deformation at both low cycles and very low

cycles fatigue regimes. Moreover, the important test considerations and parameters are listed in

Table 36.
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Table 36: The key parameters for performing the fatigue cyclic test.

Fatigue Setup Parameters

Type of Machine Instron Servehydraulic
Maximum Capacity 100 kN
Type of test Cyclic test
Cyclic fatigue Regimes LCF and VLCF
Test control mode Strain control
Types of Materials Metallic
Types of samples Flat coupons
Number of samples per strain amplitude 12
Total number of fatigue coupons in the tes 48 coupons SHS
Temperature Test Room temperature
Strain Rate Constant
Cycle shape Triangular
Loading Protocol ConstantCycle
Strain Amplitude (0.5 %, £1%, +3%, +5%,).
Frequencies range 0.01t0 0.1 Hz
Strain ratio @ ). -1
Type of strain gauges NOT USED
Type of load cell
Constant Amplitude Strain Rates (SRG 9
(5%, +7 %) 2.5x10% G°
(£0.5%, + 1%, +2%, + 3%) 5x10% G°
Steel grades
Tube sections S235
Gusset plates S275
Failure Definition
Load drop-off 50 %
Certain change ofj/ ' g 0.5

Where,LCF arelow-cycle fatigue and VLCF are Very Le@ycle Fatigue ' ; Modulus of
elasticity in tensile part; sModulus of elasticity in compressive part

3.3.6 Data postprocessing and parameter calibration

3.3.6.1 Tensile test

For tensile tests, the material properties for engineering purposes that are assigned in this study
are: the initial Young’s Modulus, yield strength, ultimate strength, fracture at failure, and strains
at different stages, according to the BS EN 1000227, 129]. Before testing, important
parameters of the tensile specimen, such as the original gauge length (G) and the original cross
sectional area%), were measured. The original gauge length refers to the parallel portion of
the test piece on which measurements and elongations are made within the reduced section.
Tensile stresstrain properties are used in several specifications, in analyticatstaaid in

numerical analysis.

In this study, the proof stresg R based on specific stress at 0.2% strain (proof stiegs i

case of ambiguous identification of the yielding point. The main factor which has a considerable
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effect on determining the yield point is the loading rate as mentioned before. The tensile
strength®kmw andR, that correspond to the maximum load and 0.2 % proof strength respectively,
are defined in ISO 6892{129].

The most important mechanical parameter is the modulus of elasticity (E) which is considered

as a crucial factor that is used to classify any type of materials. However, there is often debate

in terms of its calculation method. Existing research utilises various techniques, with three main

approacheg128, 129, 158]. Slope of linear portion, thaverage slope of thanloading-

reloading curve, and the slope between two specific pointand 1 [15§. The specific third

approach for calculating elastic Young's modulus is:
& . &

‘= — F—, SDAN@&=P{= 0.0005, =J @¢= 0.0025
% %

3.1

However, the first method is most commonly used in research and published studies. This study
will adopt the first method to calculate the init¥@ung’s modulus because it is easy to apply

and more practical compared with other methods.
3.3.6.2 Low-cycle fatigue tests

This section details the methodology for towcle and extremely lowycle fatigue (ELCF)

testing. Fatigue is a process of progressive localised permanent deformations in a material under
fluctuating stresses and strains. It can be categorised into tisgimmes based on the number

of cycles to failure 50} the Very LowCycle Fatigue (VLCF): N. 107 cycles, the LowCycle

Fatigue (LCF): 18< Nt <10® cycles, the HigiCycle Fatigue (HCF): & Nt <10’ cycles, and

the Very HighCycle Fatigue (VHCF): N>10’ cycles. Cyclic fatigue regimes have been
classified based on the number of cycles to failure. The number of cycles with transition from
Very Low-Cycle Fatigue (VLCF) to HigiCycle Fatigue (HCF) regimes governed by the
different modes of failure. Specifitg several fatigue regimes are classified according to the

number of cycles in which the element is subjected to fatigue procedures.

This study employs the Coffillanson relationship for lowycle and extremely lowycle
fatigue (ELCF) testing. Fatigue testing is typically categorised into four regimes based on the
number of cycles to failurelfi9]. Figure 3-9 illustrates the three cyclic fatigue regimes. The
transition between ELCF and Higtycle Fatigue (HCF) is governed by the different modes of
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failure. It is important to note that the terms "ELCF" and " VLCF" are often used
interchangeably.

Figure 39: Graphical depiction of the three types of fatigue, adapted fdeia][

The test involves cyclic axial straining to a specimen until failure occurs after numbers of
cycles. The stresstrain hysteresis loops' results are expressed in terms of stress range, mean
stress, total strain range, and plastic range, as outlined in previous stBdies3[l, 153]

Various variables are utilised to characterise the cyclic stress versus strainThenstress

range (¢,& is given by obtaining the difference between the maximum and minimum stress
values [49]

Strainhardening and straiseftening characterise the material's behaviour during cyclicstrain
controlled testing. Strathardening describes the increase in stress with increasing strain. This
phenomenon leads to a progressive rise in both the maximum and minimum stress values within
the hysteresis loop for each subsequent cycle. Conversely, sifegning occurs when the
stress decreases with increasing strain. Incdg®, both the maximum and minimum stress in

the hysteresis loop diminish with each cycle.
3.3.6.2.1 Cyclic StressStain Curve (Rambergdsgood Relationship)

The Rambergdsgood model is employed to capture the lo@ar relationship between stress

and strain amplitudes observed in stabilised hysteresis loops under various strain amplitudes.
This model, expressed through a povesv equation, allows for the gotification of inelastic

strain, particularly at high stress amplitudes. The pdawexpression of the Rambe@sgood

model reveals the inelastic strain in presence of extreme levels of stress ampRidS(),

148, 153] The function formula is as following:
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S . . .5 3.2
Y. c\@+ A ¢e | e @

2 2 "2 "ot P

Wherei6 is the total strain amplitudé%f’is the elastic strain amplitué%gis the plastic strain

amplitude, ¢ éis the stabilised stress amplitude at half of the number of cycles to failure, E is
WKH <RXQJeV PRGXOXV .« LV WKH F\FOLF VWUDLQ KDUGHQL
Qe FDQ EH REWDLQHG |UR Frigur&R aittlustraied the etatidddthigsv/af R

cyclic stressstrain curve and the hysteresis loop brard&9].

Figure 3-10: Graphical expressions describing the stregain curve and the shape of the
hysteresis loog159]

3.3.6.2.2 Fatigue StrainLife Relationship

The lowcycle fatigue (LCF) regime will be obtained from constant strain amplitude cyclic
coupon tests. The CoffiNlanson relationship, a wedlstablished approach for LCF regimes,

will be used to represent the plastic sti#fim relationship through the following expression:
[160, 161]

) ) 3.3
= Yy20p°

I\)| ¢
n§<\
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Where ¢ is the plastic strain amplitude ¥ the fatigue ductility coefficient, c is the fatigue
ductility exponent an@ Oy is the number of reversals to failure. Fig@r&l shows a typical
log-log plot of total strain amplitude versus tmember of reversals to failure. At low fatigue

life, the plastic strain amplitude is high compared to the elastic strain amplitude, while at high
fatigue life, the elastic strain amplitude is large compared with the plastic strain.

Figure 311: The LCF and HCF of strailife curve, after Glinka[ 159]

3.3.6.3 Cyclic Material Hardening Model

The cyclic hardening model is based on two components: the nonlinear kinematic hardening
and nonlinear isotropic hardening. Isotropic hardening model is based on describing the size of
the yield surface as a function of equivalent plastic strain, while kinematic hardening model is
related to the change of instantaneous position of stress space (backst@sEs}J] .The
calibration models of cyclic hardening are needed in order to obtain accurate and reliable cyclic
hardening datd162-164).

Therefore, the combination tfie two models (Isotropic & kinematic) is used to describe the
characteristics of the materials and has revealed satisfactory results under simple deformation
modes, as concluded by Nip el dt48]. These parameters are useful in the nonlinear finite

element software modelling48, 164]

In order to describe the ductile material behaviour in plastic regibasplasticity theory is
commonly used. It is possible to drive a relationship between yield surface and flow rule. The
von Mises yield criterion with an associative flow is used in this study to prescribe the models.
The isotropic, kinematic, and combined hardening models are presented visually irBHigure
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and Figure 3-13, respectively The corresponding equations are also provided for a

comprehensive understanding of these hardening behavigidsks [

3.3.6.3.1 Isotropic Parameters

Isotropic hardening represents a material's behaviour where the yield surface in stress space
expands uniformly with increasing plastic strain. This essentially means the material becomes
stronger across all stress directions after undergoing plastiovdgfon. Figure 3-12 depicts

the variation of the yield surface as a function of plastic strain experienced during each cycle,

highlighting the effect of isotropic hardening.

Figure 3-12: Calibration of isotropic hardening paramete[$48]

&= 4+ |y @F Ats”A 34

The equation governing the edanensional yield surface during a single cycle is given by:

A

O

3.5

o 65
0= >

&

Where

é 4 Theyield stress at zero equivalent plastic strain (defined in this study as 0.01% proof
stress).

i - The maximum change in the size of the yield surface.

el he rate at which the size of the yield surface changes as plastic strain increases.

&5 The maximum tensile stress.
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&3 The maximum compressive stress in the elastic range as shown inFiure

The equivalent plastic strain corresponding isé

= 1 . 3.6
o= 5(4EF3) o%

Where ¢Y; is the plastic strain range and can be approximated as:
G N ¢YF28g" 3.7

3.3.6.3.2 Kinematic Parameters

Kinematic hardening, on the other hand, focuses on the shift of the yield surface in stress space
without a change in its size. This shift is typically attributed to the development of internal
stresses (backstress) due to plastic deformation. The niatexiatall yield strength remains
relatively constant, but the direction of yielding changes. Figtir8 depicts the evolution of

the yield surface under a kinematic hardening rule as a function of straingdret & be the

stress value at the first and the last data points respectively, in a stabilised cycle, the backstress

(U is computed as:

L %y T 3.8
U:—BdJTleA? “or a2

Where % and Uare constants that can be calibrated by test data from a stabilised cycle. The
ratio 222is the maximum change in backstress.

U Determines the rate at which the backstress varies as the plastic increases.
A_ oy 3.9
V= WF—F ¥

Such that\?“z,: 0,
Where:

¥ Plastic strain when the curve crosses the strain axis. For each da@ﬁéi,r\(alues ofUy

are obtained as:
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€% The average of the first and the last data péjjaind &, the first and the last data points
respectively, in a stabilised cycle, which are shown in Figtk®. The parameters used in the
calibration of the kinematic hardening model sihewn in Figure3-13. The can be fitted to
the pairs of data points \ﬁ)

Figure 3-13: Calibration of kinematic hardening paramet€ei$48]

3.3.6.3.3 Combined IsotropieKinematic Parameters

In general, most materials, under cyclic loading, display a combination of kinematic and
isotropic hardening. Kinematic hardening defines behaviour within each cycle, i.e. hysteresis
loop shape, isotropic hardening defines change from cycle to cycle, i.e. evolution of peak tensile
& compressive stress in each cycle, increasing (or decreasing) between cycles until saturation.
The phenomenon of materfatigue is extremely complicated by a number of factors that affect

the behaviour of the materials, such as Bauschinger and buckling effects.

In summary, the combined isotropic and kinematic hardening model can be summarised as
shown in the flowchart belowF{gure 3-14). The commonly used least squares regression is
utilised to fit simulated stresstrain model curves to experimental curves by minimising the
sum of the squares of errors between experimental values and numerical values. The steps
below illustrate the cobined kinematigsotropic modelling analysis for hardening cycles.
Figure3-14 shows the flowchart of the combined equations and the steps of the process using

MATLAB [165] The objective function used was the root ofshen of squares of the errors
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(SRSSE) between the experimental stress values and the numerically computed values for each
point of strain, or equivalently:

- p 3.11
| EJEIEYS5'= 8Akézs F &,5x0@

Two convergence criteria were adopted in the ogtitran algorithm: A tolerance limit on the
internal parameters of the models for computing stress, and the overall objective function
SRSSE. Both criteria used “‘i@&s a convergence limit. The following expressions refer to

coming equations for isotropic and kinematic hardening models as discussed in most literature:

ND = 3(1LFAOF 312
@N=X3FN@L 313
@&t @Y 314
@N) = X3FN@% 315
N N @N 316

Where b, Q are isotropic material hardening constants at saturated value. Backstress used in the

kinematic hardening model is:

@Y N®FW® 317

U= l+ @U 318

Where . backstress tensor andC are kinematic material hardening constants at saturated
value. The stress increment due to the combined effect of isotropic and kinematic hardening

rules is computed as:
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~ 6 3.19
| EJEIEYS5'= 8Akéyzs F &,2x0Q
S Y4 ¢ 3.20
@s dF:*/4>1/4> >CDE?ékUQh@Y
The corresponding plastic strain increment is then obtained as:
Y4 3.21

h@ Y

@=dF

Yplp > QE?8k g0

Figure 3414: Flowchart of the combined kinematsotropic hardening model.
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3.4 Experimental Results and Discussion
3.4.1 Monotonic Tensile Tests Results

The results of the tests on each sample of material as obtained from the data are important
because they give significant information about the static mechanical properties of the
materials, which are necessary for modelling. In this study, a total @n30et test coupons

were used to evaluate all specimens. The summary of measured and computed mechanical
properties resulted from the tested specimeifisisérated in Table3-7 . This table provides the
average values for the results of the specimens taken from the bracings members and gusset
plates for the two types of steel grades S235 and S275.

It is important to highlight that Digital Image Correlation (DIC) technology was employed to
extend the stresstrain analysis for various steel sections beyond the 5% strain limitation of
conventional strain gauges. As showrrigure3-15, the results from the strain gauges and the
DIC method closely align during the initial stages of the sts&sén curve, up to the strain
gauge limit. This consistency enhances confidence in the accuracy and reliability of the stress
strain data obtairmethrough DIC, especially in regions where strain exceeds the capabilities of

traditional measurement tools.

Figure 3-15: Stressstrain curve under uniaxial tensile loading (DIC & S.G data).

It is noteworthy that the yield strength is defined by the 0.2% proof strength. It is evident from
the coupon testing experiment for all brace sections that the actual material strength exceeds
the nominal strength typically expected from 235 MPa. Steel coupons were tested and found to
have an average Young's Modulus of 202 GPa with an average coefficient of variation (COV)
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of 8.7% for thirty coupons (gusset and tubular sections). This average value is subsequently
used for all four brace types in the analysis of test results.

Table 37: The Summary Monotonic tensile materials parameters.

Original  Young's Yield ~ Ytimate

. Tensile Percentage . Percentag
¢ Strength/ ; ;
Specimen ID Steel Thicknes: Cro_ss Modulus T 9 Strength, Elongation Teng!le Reduction
Average Sectional , -uu Ductility
Grade (Tmm) Area « q (@ ~ at Fracture (%) of Area T
v (® ¢®w =

(mm?)  (N/mn®) (N/mm?) (N/mi?) (%)

SHS S235 3825 7590 182020 35553 37555  13.00 078  53.98
40x40x4
SHS S235 28725 3589 208388 417.79 44205  9.93 057  43.33
30x30x3
SHS S235 204 2546 204975 441.60 47602  8.74 038  31.96
25x25x2
SHS S235 208 2386 205996 535.04 549.09  3.07 065  47.92
20x20x3
Mean 200344 4375 46070 _ 8.68 059  44.30
S.D 12300 744 7220 359 014 8.06
COV (%) 60 170 1560 4136 2436  18.19

S 406G S275 5.91 35.38 212872 544.34 634.212 24.73 1.08 66.03
S 30G S275 4.84 28.993 210703 266.65 332.5 36.39 1.16 68.46
S 25G S275 4.81 28.81 205751 292.50 343.66 17.80 0.83 56.60
S 20G S275 4.77 28.58 193101 257.67 338.675 25.59 1.02 63.90

Mean 205048 340.3 412.26 26.13 1.02 63.74
S.D 8912 136.8  148.04 6.64 0.12 4.43
COV (%) 4.35 40.21 36 25.43 11.92 6.95

The stresstrain results obtained for each steel grade from monotonic tests for some specimens
are presented in Figu216. As a primary result, the strestsain curves seem to be highly
sensitive to the dimensions of the specimens, even for the same type of steel. Results show that
there is some variation in the resulting stretgain curves for the same grade of steet. Fo
instance, for the steel grade (S275), specimeh-&G-1 was the highest value for tgasset

plate. In general, the smaller the thickness of the specimen, the smaller the strength as shown
in the stresstrain curve. More details and more results are provided in the next sections. It is
worth noting that in Figure3-16 (below), two different material grades (S275 and S235) are
presented.
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Figure 3-16: Engineering stresstrain curves under uniaxial tensile loading.

3.4.1.1 Summary Results of TubulaBrace Sections

This is a summary of all tested tubular coupons based on the geometry of the specimens. The
results show that there is a significant difference irvtheng’smodulus values in 40x40 tubular
members from the mean. Frarable3-7, the figures of the COV coefficient were significantly

high for different tensile parameters, and this is due to the different coupons geometry that were
tested in these experimental tests based on the abevgeoned demonstrations. Teung'’s
modulus for all sections was around the common value of 200 GPa, except the SHS 40x40
value (182 GPa) which was lower than the mean. The yield strength and the tensile strength
had significant COV values of 17 % and 15.6 %, respectively. The lowest values were those of
SHS 40x40 at around 20 % below the mean.

3.4.1.2 Summary Results of Guss@&race Sections

It should be noted that the high values of the COVahle3-7 refer to two group coupons

taken from gusset plates: Those of 6 mm thickness resulted in higher strength values, and those
of 4 mm thickness resulted in less values of yield and ultimate strength. The source of high
variation is due to the specimensdakirom S 46G. Excluding these samples from the group
reduces the variation by approximately 85% for the yield strength and 95% for the ultimate
strength, whereas ti®ung’'smodulus suffers no variation. The values of the young’s modulus
ranged between 193 GPa to 213 G®amentioned before, the COV of the yield strength and
tensile strength were at high values of around 40 % and 36 %, respectively. This significant

deviation may be because of the geometrical effects of the sexim
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3.4.2 Engineering and True Stress-Strain Relationships

In practice, it is important to mention that the engineering stress is always lower than the true
stress and the engineering strain is larger than the true strain. As seen fronBHig (iet-
handside), the true stress is larger than the engineering stress and as the strain increases, the
cross section decreases. Hence, once the material yields, it begins to strain harden which
increases the strength of the material. In the si&am curves dew, the strength of the
material increases between the yield strength and the ultimate tensile strength. This increase in

strength is a result of strain hardening.

The Rambergdsgood model is commonly used to model the ss&ai curves of metals (see
Equation 3.14). Therefore, the value in the Ramber@®sgood model represents a
measurement of how quickly the material gains strength when it is being deformeelasyhe

the K-value is the strength hardening coefficient. These values can be obtained from the
relationship between the true stress versus the true plastic strain curve in a monotonic tensile
test, which is plotted on a Idgg scale. Figur8-17 (righthand side) illustrates the true stress

strain curves andlable 38 gives the n and K coefficients

(@) (b)

() (d)
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(e) (f)

(9) (h)

Figure 3-17: The engineering stressrain curve vs. true stresdrain curve ) engineering

brace SHS 40x4(b) true stress vs. plastic strain brace SHS 40x3@ngineering SHS
30x30 () true stress vs. plastic strain SHS 30x80egnhgineering SHS 25x28 {rue stress vs.

plastic strain SHS 25x2%9) engineering SHS 20x20)(true stress vs. plastic strain SHS

20x20.

Table 3-8 gives the summary of the strength coefficient and strain hardening exponent for
different coupons. The values of the strength coefficients of the tubular sections range between
nearly K= 438 MPa and K=610 MPa with COV of 12.2 %. The range of the K deaffior
the gusset plate sections was between 827 MPa and nearly 400 MPa. The COV of the tubular
hardening exponent (n) was significantly high aabund 28%. This value dropped to
approximatelyonethird of 28% for the gusset plates. The mean value of the hardening strength
coefficient (K) was 541 MPa for the tubular sections, while for the gusset plate it is K= 518
MPa. Moreover, the mean value of the hardening exponent was n= 0.0368 for tubular,sections

and n=0.096 for gusset plates.

-81-



Chapter 3. Testing Materials

Table 38: The summary results of the major tensile parameters of gusset plate and brace

sections.
Specimen ID Young’s Strength Strain Hardening R?
Modulus, Monotonic Exponent (n)
o} Coefficient (K)
(N/mn?) (N/mnr?)
SHS 40x40x4 182020 438.10 0.0337 0.87
SHS 30x30x3 208388 530.43 0.0439 0.98
SHS 25x25x2 204975 585.84 0.0481 0.99
SHS 20x20x3 205996 610.42 0.0216 0.98
Mean 200345 541.12 0.0368 0.96
S.D 10652 66.20 0.0102 0.050
COV (%) 5.31 12.23 27.83 5.24
S 40G 212872 827.59 0.0898 0.93
S 30G 210703.3 392.44 0.0846 0.68
S 25G 205751 410.00 0.1090 0.96
S 20G 193101.5 445.385 0.1005 0.93
Mean 205606.95 518.85 0.0960 0.87
S.D 7667.47 179.26 0.0094 0.11
COV (%) 3.72 34.55 9.82 13.09

3.4.3 Low-Cycle Fatigue Test Results

This section focuses on legycle and extremely lowycle fatigue (ELCF) test results. Fatigue

is a process where fluctuating stresses and strains cause progressive localised permanent
deformations within a material. Cyclic fatigue regimes have been classified based on the
number of cycles to failure. The cyclic stresdiain curves, strain hardening models, sthiéén-
relationships, and calibration of hardening material models are presented in this section. The
half number of cycles to failure are used &stablishing and representing the cyclic stress
strain curves and for calibration of a cyclic material hardening. A plot that relates the number
of reversals to failure and the strain amplitudes on ddggscale is generally used to extract

the cyclic strength coefficients and cyclic ductility coefficients. The following subsections

discuss all related parameters.

3.4.4 Stress-Strain Results (General Results)

Strains are directly extracted from the most favourable hysteresis loops generated during cyclic
axial strain testing. This testing involves applying repeated cycles of strain to a specimen until
failure occurs after a specific number of cycles. The resdilstresstrain hysteresis loops are
represented in terms of stress range, mean stress, total strain range and plastiabiznge.
summarises the results from the fatigue tests on the specimens that are labelled based on the

coupon ID. Up to twelve coupons were cut from each section and were tested at different strain
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amplitudes. The total strain amplitudes and stress amplitudes at half of the number of cycles to
failure were measured. The number of reversals to failure is givéabie 3-9 at the last

column. The highest values were to the lowest strain amplitude at around 2290 and 800 for 0.5
% and 1 % amplitudes, respectively. The elastic and plastic strain amplitudes were used to plot
against the number of reversals to failure on aldggscalein order to extract the Coffin-
Manson parameters as illustrated in section 3.8.2. The instantaneous tangent moduli that are
presented iMable3-9 (E: and E) describe the cyclic shape of the hysteresis loop at a specific
cycle. It is worth mentioning that the tangent modulus ©oé&rel E are not the monotonic

Young'smodulus of elasticity, more information is provided in section 3.2.4 of H80631].

-83-



Chapter 3. Testing Materials

Table 39: Results of constaramplitude axial fatigue test data.

Specimen ID ID Sample Modulus Modulus of  Total strain Elastic Plastic Stress Numbe
Description of elasticity in amplitude, strain strain amplitude r of
elasticity compressive < amplitude,  amplitude, at half reversal
in tensile part o (%) Kals life, <& sto
partE y E, (%) E; N/ ’n% failure,
(N/mm?) (N/mn?) (%) (Nfmm) 5N,
B40-S1-F-3-5% S1-1-5-B-1 63785 43757 0.05 0.0054 0.0446 275.0 46
B40-S1-F-3-5% S1-1-4-C-2 50702 34080 0.05 0.02510 0.02489 248.2 68
B40-S1-F-3-5% S1-1-5-C-2 63880 43353 0.05 0.00495 0.04505 283.5 44
B40-S1-F-2-3% S1-1-1-B-2 62223 57274 0.03 0.00365 0.02635 264.0 294
B40-S1-F-1-3% S1-1-1-B-1 89676 63933 0.03 0.00335 0.02665 271.6 204
B40-S1-F-3-3% S1:-1-5-A-2 79597 61518 0.03 0.00330 0.02670 273.3 192
B40-S1-F-3-2% S1-1-5-C-1 108972 100316 0.02 0.00225 0.01775 278.8 554
B40-S1-F-1-2% S1-1-1-C-1 113808 94822 0.02 0.00265 0.01735 283.9 436
B40-S1-F-2-2% S1-1-2-C-2 107098 88907 0.02 0.00260 0.01740 282.4 542
B40-S1-F-1-1% S1-1-1-A-1 142011 139186 0.01 0.00128 0.00872 274.5 1100
B40-S1-F-3-1% S1-1-4-A-2 145101 143343 0.01 0.001405 0.00859 278.1 1604
B40-S1-F-1-1% S1-1-4-B-2 134079 139349 0.01 0.00117 0.00883 279.7 1090
B30-S2-F-1-3% S21-2-A-1 65504 46924 0.03 0.00495 0.02505 264.2 110
B30-S2-F-3-3% S21-5-A-1 80276 48735 0.03 0.00475 0.02525 287.8 144
B30-S2-F-2-3% S21-4-C-1 73448 41534 0.03 0.00305 0.02695 284.5 164
B30-S2-F-2-2% S21-2-A-3 120877 93769 0.02 0.00265 0.01735 3221 400
B30-S2-F-3-2% S21-5-A-2 112892 83291 0.02 0.00288 0.01712 312.3 408
B30-S2-F-1-2% S21-2-C-3 115976 87669 0.02 0.002875 0.017125 309.4 326
B30-S2F-3-1% S21-2-A-2 152858 145015 0.01 0.00145 0.00855 325.4 750
B30-S2F-2-1% S21-4-B-1 159742 139764 0.01 0.0015 0.0085 311.8 858
B30-S2F-3-1% S21-5-B-1 137362 147627 0.01 0.00161 0.00839 316.0 1010
B30-S2F-1-0.5%  S21-2-B-2 181618 195052 0.005 0.001215 0.003785 292.4 3462
B30-S2F-1-0.5% S21-2-C-1 201121 214634 0.005 0.00107 0.00393 297.8 2444
B30-S2F-3-0.5% S21-5-C-1 190624 194973 0.005 0.00103 0.00397 301.4 1988
B25-S3-F-1-3% S34-2-A-3 80812 41109 0.03 0.005225 0.024775 253.4 28
B25-S3-F-2-3% S34-4-B-1 80802 36610 0.03 0.005085 0.024915 259.3 30
B25-S3-F-2-3% S34-4-C-1 55560 39910 0.03 0.00525 0.02475 248.1 30
B25-S3-F-2-2% S34-2-B-2 118200 59095 0.02 0.004095 0.015905 311.1 254
B25-S3-F-3-2% S34-5-C-2 199004 230124 0.02 0.001335 0.018665 349.2 42
B25-S3-F-1-2% S34-2-C-1 134746 85316 0.02 0.002935 0.017065 326.5 188
B25-S3-F-3-1% S34-5-B-1 184659 172548 0.01 0.001105 0.008895 337.0 324
B25-S3-F-2-1% S34-2-A-1 159168 134901 0.01 0.00192 0.00808 8.9 710
B25-S3-F-3-1% S34-2-A-2 186438 183739 0.01 0.00147 0.00853 343.2 374
B25-S3F-3-0.5%  S34-5-C-1 183482 176594 0.005 0.001265 0.003735 305.2 1968
B25S3F-3-0.5% S34-5-A-1 180234 181407 0.005 0.001215 0.003785 3121 1826
B25S3F-3-0.5%  S34-2-B-1 191523 184562 0.005 0.00295 0.00205 307.8 1450
B20-S4F-3-3% S44-4-B-1 143575 136723 0.01 0.002305 0.007695 390.5 574
B20-S4F-2-3% S44-2-A-1 57176 51773 0.03 0.00621 0.02379 334.9 128
B20-S4F-2-3% S44-2-B-1 62682 55430 0.03 0.00626 0.02374 333.2 88
B20-S4F-3-3% S44-4-A-1 76653 44473 0.03 0.0063 0.0237 338.2 132
B20-S4F-1-2% S4-4-2-B-3 137387 108279 0.02 0.00305 0.01695 400.0 158
B20-S4F-2-2% S44-2-C-2 210669 476604 0.02 0.00101 0.01899 500.3 8
B20-S4F-1-1% S44-2-A-2 164345 137570 0.01 0.002335 0.007665 391.4 530
B20-S4F-2-1% S4-4-2-B-2 16559 150513 0.01 0.002155 0.007845 389.0 600
B20-S4F-1-0.5%  S44-2-C-1 166904 162575 0.005 0.00174 0.00326 361.2 2864
B20-S4F-2-0.5%  S44-2-A-3 161159 187665 0.005 0.001665 0.003335 369.8 2144
B20-S4F-3-0.5%  S44-4-C-1 167692 179266 0.005 0.001705 0.003295 3714 2424

3.4.5 Cyclic Hardening & Softening

Cyclic softening and cyclic hardening are associated with the decreasing and increasing
resistive behaviour of the materials against permeant deformations. There are different ways to
represent the fatigue life, ranging from uniaxial model to multiaxiastadive models. In this

study, It is worth mentioning that uniaxial tests were selected for characterising fatigue due to
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their simplicity Knowing the trend and features of cyclic behaviour is critical for better
understanding of the steel behaviour during the earthquake excitation.

In this study, the specimens wé¢ested at different strain amplitudes (£0.5%, +1%, £2%, +£3%,
+5%). Overall results demonstrate typical cyclic softening behaviour for a given strain
amplitude. This trend of behaviour might be due to the rolling process in the manufacturing
phase of the members. For instance, FiggHle8 shows the trend of the softening cyclic
behaviour of 1% and 3% strain amplitudes forlSdeupon, which is also compared with the
monotonic tensile test. More observations of softening behaviour for different sections are
shown in Figur&-18.It is worth noting that the thinker sections (40x40) exhibit some slippage
due to the grip of the specimen, which produces winding behawidbie linear part of the

stressstrain curve, as shown in Figurel8-a and b.

The cyclic Rambergsgood stresstrain parameters can be derived using the experimental
cyclic stressstrain curves by tracing the peak values of the stresses of the stabilised loops per
strain amplitude (£0.5%, £1%, £+2%, +3%, +5%). For each amplitude of strain, the stabilised
stressstrain loop is taken the hysteresis loop at-hathber of cycles to failure. A plot that
relates the various strain amplitudes to the stress amplitudes is generally used to extract the
cyclic strength coefficient (K') and cyclic strain hardening exponent (n'). For instance, Figure
3-19 shows the fitted cyclic stresdrain model that is capable of capturing the key observed

behavioural features of the experiments.

Therefore, the experimental and simulated stress strain hysteresis curvedafmetticarbon

steel at haHife cycle at various strain amplitude (x0.5%, £1%, +2%, £3%, +5%) tests are
shown inFigure3-19.The results indicate that the fitted cyclic hardening model is capable of
capturing the key observed behavioural features of the experiments. The hardening parameters
indicate that the K' has a lower value than monotonic and the first cycles, while, the n' has a
higher value compared with former parameters, as refefatite 3-10 lists the hardening

parameters K' and n'.
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Figure 3-18: Comparison between cyclic and monotonic resalt$(41-1% specimensj
S11-3% specimensf S21-1% specimensl) S21-3% specimense) S44-1% specimend)(
S44-3% specimens
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a) b)

Figure 3-19: Stress strain loops for multiple strain ranges fa)((40x40x4 brace)l
(30x30x3 brace)d) (25x25x2.5 braced) (20x20x3 brace).
Table 3-10 shows the cyclic hardening parameté€s ") for the tubular sections, which are
obtained from various strain amplitudes. The mean values of K' and n' were 400 MPa and
0.0376, respectively. While, from the monotonic tests, the hardening parameters (K, n), have
the mean values of 541 MPa and 0.03@&83pectively. It is worth noting that the hardening
exponents obtained from both cyclic and monotonic tests are quite close, while the strength
coefficient obtained from the cyclic tests is lower than that obtained from the monotonic test.

Moreover,Table 310 gives more information about the monotonic hardening parameters.

Table 310: CoffirManson law and Rambei@sgood parameters

Specimen ID Cyclic strength Cyclic strain Fatigue ductility Fatigue
coefficient, hardening coefficient, ¢g{%) ductility

K" (MPa) exponent, n exponent, ¢
40 x 40 x 4RHHH 297.9 0.0147 0.2405 -0.441
30 x 30 x 3JRHHH 320.3 0.0086 0.6788 -0.648
25 x 25 x 2.8JRHHH 488.4 0.0774 0.1000 -0.478
20 x20 x 3JRHHH 493.5 0.0499 0.1040 -0.409
Mean 400.02 0.0376 0.2808 -0.494
STD 91.29 0.0278 0.2366 0.092
COV (%) 22.82 73.94 84.26 -18.66
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3.4.6 Strain-Life Relationship Results

The LCF and ELCF data are represented by constant strain amplitudes cyclic coupon tests in
this research for targeted coupon sections. The plastic-Bteaialationship based on the LCF
regime, which is known as th@offin-Manson relationship is presented as the expression in
Equation 3.3. The progress of the stress at each strain amplitude (x0.5%, +1%, £2%, £3%, =5
%) illustrates the rate and the variation of the cyclic hardening. This curve is a function of stress

amplitude and number of cycles.

The material behaviour generally stabilises quite rapidly, as shown by the strain and stress
measurements$-{gure3-20andFigure3-21, respectively). The measurement of load during the
first few cycles of a typical test at constant strain amplitudes is shown in BigOrdnFigure

3-21, the curve shows the relation between the cycles and strain. The recordings of strain and
loads during the cyclic process show the stabilisation of the material behaviour. However, the
stress amplitudes stabilise after a specific number of loading cjuiess shown in Figure

3-20 and Figure 21, respectively.

Figure 320: Measurement of load during a typical test at 1% amplitude4@o3).

Figure 321: Measurement of strain during the first few cycles of a typical test at 1%
amplitude (4040- 3).

Figure3-22 andFigure3-23 show the stress amplitudes versus number of cycles until failure
for each fixed strain amplitudes (0.5%, 1%, 2%, 3%, 5%). In figases, samples from 40x40
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and 25x25 tubular sections are plotted. It is clear that for the applied strain ranges, the
stabilisation of the cyclic behaviour is observed. It can be seen from the curves that the stress
amplitude decreases with the number of cycles to failure under each straining case. This means
that the material exhibits significant cyclic softening behaviour under constant strain
amplitudes. It is clear from all fatigue tests that the number of cycles to failure decreases
significantly as the strain amplitudes ingeaFor example, for the SHS 40x40x4 specimens,

the average number of cycles to failure was 26 cycles at 5 % strain amplitude, 115 cycles at 3%
strain amplitude, 230 cycles at 2% strain amplitude, and 632 cyd@&ssttain amplitude. The
25x25x2.5 specimens have different average number of cycles than the former SHS section.
The highest number was 984 cycles at 0.5 % strain amplitude. In contrast, it was approximately
onethird of the values of the previously mentioned SHS section, namely, 29, 76, arytR35

for strain amplitudes of 3 %, 2 %, and 1 %, respectively.

Softening under cyclic loading for a constant strain amplitude has been reported in Hassan and
Kyriakides[141], which was attributed to previous work hardening during the manufacturing
process of the material whigpecimens are taken from. In conclusion, the trend of the cyclic
behaviour of the materials was softening betweesyate for all specimens.

Figure 322: Variation of stress amplitudes during tests as a function of number of cycles for
different strain amplitudes of Coldrmedcarbon steel 40x40x4 specimens (Minimum Stress
Amplitudes).
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Figure 323: Variation of stress amplitudes during tests as a function of number of cycles for
different strain amplitudes of Coldrmed carbon steel 25x25x2.5 specimens (Maximum
Stress Amplitudes).
The resulting parameters of the Coffifanson relationship are definedTiable3-11 based on
the abovementioned procedure. The plot defines the relation between the number of reversals
to failure and the strain amplitud@<.5%, +1%, +2%, +3%, +5p6n log{og scale in order to
extract the fatigue ductility and fatigue strength parameters. FgRdebelow illustrates the
Coffin-Manson relationship for the different tubular group sections. As indicafi@bla3-11,
the values of ductility coefficient\}) were not significantly close to each other, around 0.24
for SHS 40x40 section and nearly 0.68 for section 30x30. The values of SHS sections 25x25
and 20x20 were almost equal (0.1). The values of the COV varied significantly for both tests
(cyclic and monotonic). It is worth noting that the COV was relatively high for the fatigue
ductility coefficient, this is due to the high value of the specimen 30x30, and if we exclude this
value, the COV drops to 42%. Similarly, the COV of the fatigue ductility exponent decreases
to 6 %.

Table 311: CoffirManson law and Rambei@sgood parameters

Specimen Fatigue ductility  Fatigue ductility Fatigue Strength Fatigue Strengtt
ID coefficient, ¥,{%) exponent, ¢ coefficient, §,7 ' (%) exponent, b

(Plastic Range)  (Plastic Range) (Elastic Range) (Elastic Range)
40 x 40 x 4JRHHH 0.241 -0.441 0.0704 -0.548
30 x 30 x 3JRH-HH 0.679 -0.648 0.0407 -0.466
25 x 25 x 2. 8]JRH 0.100 -0.478 0.0085 -0.234

HH

20 x 20 x 3JRHHH 0.104 -0.409 0.0040 -0.070
Mean 0.281 -0.494 0.0309 -0.329
STD 0.273 0.106 0.0310 0.218
cov 97.3 -21.5 100.3 -66.2
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a) b)

Figure 324 Strainiife relation in ELCF and LCF regimes for cofdrmed carbon steel
specimensa) SHS 40x40 tubular section)(SHS 30x30 tubular sectio) (SHS 25x25
tubular sectiondq) SHS 20x20 tubular section.

3.4.7 Cyclic material hardening modetalibration

Experimental data and MATLABL65] simulated model of strestrain hysteresis curves of
cold-formed carbon steel, ranging from the first cycle to the-lifalfcycle at various strain
amplitude tests, are presented in Fig@r85. The combined hardening parameters were
determined through a leasjuares regression fitting. This approach minimises the difference
between the analytical model and the experimental data, effectively calibrating them. The
results indicate that the fitlecyclic model is capable of capturing the experimental hysteresis
features. As can be seen from the graphs bdtigu(e3-25), the trend of the cyclic behaviour
exhibits softening during the half number of cycles to failure of the tests. Details regarding all

combined hardening parameters will be presented later in this section.

The hardening parameters for the combined model for the nonlinear isotropic hardening
parameters are| £ | ¢, and >, while for the nonlinear kinematic hardening parameters are
% yand U The values of these parameters are determined using each test of cyclic plasticity.
The parameters that resulted from the fitting of the simulated stireés curve to the

experimental curves under cyclic loading are showrahlile 312.
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The ratio of % (/5 Ufor different tubular sections (except section 20x20) was approximately
around 190. The shape factor parameters in the last colufable3-12 show various values

for COV of thecombined isotropikinematic hardening model. The coefficients of variance

are relatively small for the secti®d0x40 and 30x30. The mean values of the maximum change

in the yield surface size, qfor all sections were betweeb48.89 and173.46. Where, the rate

of the yield surfaceh) changes as plastic straining develops, with values for all sections
between 2.62 and 3.98. The COV was significantly low for most parameters of the isotropic
kinematic hardening model obtained from test data of section 40x40 in comparison with those
obtaned from the other sections. Despite of the deviation of the hardening parameters between
sections, the representative graphs show good agreement with expermdehts laast square

errors were relatively small.

Overall, the results reveal that the steel exhibits cyclic softening for different coupons as
indicated by the negative values p§. This kind of cyclic softening was reported in Hassan
and Kyriakided141], and was attributed to work hardening during the manufacturing process
of the members of which the specimens were taken.
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a) b)
C) d)
e) f)

Figure 325: Experimental and simulated strestsain hysteresis curves of a cold formed
carbon steel specimen in the first set of half cycles under different strain amplituda)tests (
S34-1% (b) S34-2% (c) S34-1% (d) S44-0.5% €) 44-2% () 3-4-0.5%
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Specimen ID Total 1 Q » Mea  Cigl 0 %0 4 1
ID Sample strain (N/mm®  (N/mm?9 (N/m (N/m1 8 |4+
amplitude ) 3»)+
o %04
< (%) v
B40-S1-F-3-5% S1-1-5-B-1 5 308.3 -144.3 4976 43376 274.6 158.0 485.8
B40-S1-F-3-5% S1-1-4-C-2 5 212.3 -205.2 2.621 50534 196.5 257.1 271.4
B40-S1-F-3-5% S1-1-5-C-2 5 273.5 -146.8 3.685 52788 281.4 187.6 441.0
B40-S1-F-2-3% S1-1-1-B-2 3 244.3 -168.7 2.7 38411 173.6 221.3 372.4
B40-S1-F-1-3% S1-1-1-B-1 3 272.2 -196.0 4,288 46280 203.8 227.1 379.3
B40-S1-F-3-3% S1-1-5-A-2 3 255.7 -178.1 5452 53560 229.1 233.8 388.9
B40-S1-F-3-2% S1-1-5-C-1 2 283.2 -155.3 4.687 46640 255.7 182.4 438.3
B40-S1-F-1-2% S1-1-1-C-1 2 264.9 -151.5 4.090 53852 269.2 200.0 426.9
B40-S1-F-2-2% S1-1-2-C-2 2 198.5 -152.3 1.441 75332 323.8 232.6 325.1
B40-S1-F-1-1% S1-1-1-A-1 1 299.6 -135.5 4.59 43603 334.1 130.5 458.8
B40-S1-F-3-1% S1-1-4-A-2 1 299.8 -141.6 4.666 43768 328.2 133.4 449.7
B40-S1-F-1-1% S1-1-4-B-2 1 299.5 -137.0 4.608 45519 343.0 132.7 457.9
mean 267.6 -159.4 3.984 49472 267.7 191.4 408.0
S.D 35.1 22.9 1.168 9425 57.8 44.5 62.7
CoVv 13.1 -14.4 29.3 19.0 21.6 23.2 15.4
B30-S2F-3-3% S2-1-5-A-1 3 248.1 -261.4 1.476 52789 190.1 277.7 250.9
B30-S2F-2-3% S2-1-4-C-1 3 197.6 -183.9 5.678 65034 224.2 290.1 317.5
B30-S2F-2-2% S2-1-2-A-3 2 286.3 -148.3 4.627 51480 242.4 212.4 488.2
B30-S2F-3-2% S2-1-5-A-2 2 188.8 -135.5 0.85 74084 301.3 245.9 352.5
B30-S2-F-1-2% S2-1-2-C-3 2 230.6 -120.4 6.199 59873 260.2 230.0 450.5
B30-S2-F-3-1% S2-1-2-A-2 1 256.5 -81.8 1.03 59236 385.8 153.5 502.8
B30-S2-F-2-1% S2-1-4-B-1 1 321.5 -127.8 2.608 42629 307.7 138.6 525.9
B30-S2-F-3-1% S2-1-5-B-1 1 240.6 -85.0 1.545 67324 407.0 165.4 476.5
B30-S2F-1 S2-1-2-B-2 0.5 247.8 -117.2 1.618 113890 729.8 95.8 488.0
0.5%
B30-S2-F-1- S2-1-2-C-1 0.5 271.4 -100.0 1.631 97227 854.0 113.8 456.7
0.5%
B30-S2-F-3- S21-5-C-1 0.5 351.7 -140.3 2.384 40528 415.7 97.5 520.1
0.5%
mean 260.9 -148.9 2.624 64241 375.5 189.2 424.1
S.D 47.1 64.6 1.832 22016 211.3 70.3 101.0
COoVv 18.0 -43.4 69.8 34.3 56.3 37.1 23.8
B25-S3F-1-3% S34-2-A-3 3 210.8 -227.6 4515 46047 190.2 242.1 208.7
B25-S3F-2-3% S34-4-B-1 3 217.8 -303.6 1.964 42834 185.8 230.6 59.2
B25S3F-2-3% S34-4-C-1 3 199.6 -196.1 5532 46155 194.3 237.5 244.5
B25S3F-2-2% S34-2-B-2 2 233.6 -170.9 5.070 52427 195.0 268.8 394.2
B25S3F-3-2% S34-5-C-2 2 329.6 -132.6 4.692 43121 290.7 148.3 542.5
B25S3F-1-2% S34-2-C-1 2 250.3 -160.4 4.334 48790 230.4 180.5 450.6
B25-S3F-3-1% S34-5-B-1 1 330.6 -135.4 4522 46444 288.0 161.3 551.8
B25-S3F-2-1% S34-2-A-1 1 261.4 -130.0 1.894 72442 356.1 203.4 466.2
B25-S3F-3-1% S34-2-A-2 1 280.8 -140.7 2.789 60567 290.6 180.8 490.5
B25-S3-F-3- S34-5-C-1 0.5 334.2 -136.5 2.122 52236 3934 132.8 528.3
0.5% 1
B25-S3F-3- S34-5-A-1 0.5 335.4 -170.7 3.755 92634 580.4 159.6 489.1
0.5%
B25-S3F-3- S34-2-B-1 0.5 312.8 -131.5 2.1 67030 492.7 136.0 498.8
0.5%
mean 276.6 -173.5 3.617 56137 316.7 192.0 398.3
S.D 57.4 56.3 1.446 16287 138.4 50.2 169.6
Ccov 20.7 -32.5 40.0 29.0 43.7 26.1 42.6
B20-S4F-2-3% S44-2-A-1 3 275.2 -242.5 5.156 40230 121.7 330.6 395.9
B20-S4F-2-3% S44-2-B-1 3 176.6 -192.9 1.838 60979 178.6 341.5 309.0
B20-S4F-3-3% S44-4-A-1 3 194.1 -141.6 2.779 39434 122.4 322.2 427.3
B20-S4-F-1-2% S4-4-2-B-3 2 337.6 -146.6 5.308 48852 1924 253.9 636.0
B20-S4-F-3-1% S4-4-4-B-1 1 267.9 -126.0 1.263 89610 334.9 267.6 551.3
B20-S4-F-1-1% S44-2-A-2 1 354.6 -121.6 4982 51237 239.2 214.2 680.2
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Specimen ID Total 1_ Q » Mea  Cigl 9] %04 1
ID Sample strain (N/mm®  (N/mm?9 (N/m (N/m1 9§ |4+
amplitude 19 3») +
L %y 4
= (%) U
B20-S4F-2-1% S44-2-B-2 1 338.0 -107.0 5.039 51607 249.2 207.1 669.1
B20-S4-F-1- S44-2-C-1 0.5 409.4 -217.1 2.065 89831 430.8 208.5 593.1
0.5%
B20-S4-F-2- S4-4-2-A-3 0.5 290.5 -95.8 0.730 87547 418.2 209.4 598.8
0.5%
B20-S4-F-3- S44-4-C-1 0.5 240.2 -139.5 1.278 23313 836.7 27.9 229.4
0.5%
mean 288.4 -153.1 3.044 58264 312.4 238.3 509.0
S.D 73.2 48.5 1.869 23399 2147 91.2 158.3
Cov 25.4 -31.7 614 40.2 68.7 38.3 31.1

Figure3-26 compares the stresgrain hysteresis curves for cdiokmed carbon steel obtained

from experiments and simulations using a MATLAB moddlq] . The figure focuses on the

first 3 cycles at a 1% strain amplitude. The model curves were fitted by mgrthe sum of
squared errors between the model's predictions and the experimental data. This approach
achieved a high levaf-fitted value (R2 = 0.99), indicating strong consistency between
experimental results and simulations. This pattern of consysiemtso evident in most curves

presented in Figure 35.

Figure 326: Experimental and simulated strestsain hysteresis curves of a celldrmed
carbon steel specimen in the first three cycles of 1% strain amplitude test (25x25x2.5 brace).

3.4.8 Comparison between Monotonic and Cyclic Test Results

In order to demonstrate the relative variations between the cyclic hardening/softening against
the static tensile test, the results from the first cycle for each cyclic test and the monotonic tests
havebeenadopted as a measure of the consistency didhgening trend. The results of such

comparison are shown ifable 3-13. In reference to the comparable results of cyclic and

-95-



Chapter 3. Testing Materials

monotonic data, the tubular sections 30x30, 25x25, and 20x20 show more consistetioy than
40x40 tubularThis is due to the significantly higher loading rate in the fatigue test. The 40x40
section is the largest thickness, which may lead to increased slippage under the higher loading
rate. Thecomparison between the dynamic cyclic and monotonic sétegg curves is shown

in Figure 327.

Figure 327: Comparison of first cycle and monotonic stress strain curves forfooitkd
carbon steel of various specimen secti@)sSHS 40x40 tubular sectiob)(SHS 30x30
tubular section€) SHS 25x25 tubular sectiod) (SHS 20x20 tubular section.

Figure3-27 highlights a noticeable dispersion between the curves representing static tests and
those representing the first cycle. It can be due to the geometry of the coupon, and also can be
influenced by the loading ratéRable3-13 summarises the average of hardening parameters for
monotonic and cyclic tests. In general, the results show a good agreement trend between the
cyclic and monotonic hardening behaviour. For instance, the SHS 30x30dvayalue of
COV for theYoung’smodulus and strength hardening coefficient, the compared values revealed
consistency between the monotonic and the first cycle that had significantly low deviations
between the values, E = 208 GPa, 210 GPa and K = 530 MPa, 565 MPa, respectively. While
thevalue of the strain hardening exponent was significarghed with 0.043 for monotonic

and 0.982 for the first cycle result.
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Table 313: Summary of the average hardening parameters for monotonic and first cycle

tests.
Young’s Modulus, Strength hardening Strain hardening R2
q coefficient (K) exponent (n)
(N/mm2)
Monotonic First Cycle Monotonic First Monotonic First Cycle Monotonic  First. Cycle
Cycle
B40-S1
Mean 182020 195853 438.10 451.80 0.0337 0.034 0.87 0.95
S.D 32428 3696 37.56 11.03 0.0227 0.005 0.077 0.052
CQOV (%) 17.81 1.89 8.57 2.44 67.56 15.09 8.89 5.44
B30-S2
Mean 208388 210671.7  530.43 565.26 0.0439 0.035 0.98 0.90
STD 2893.34  5900.322 8.32 21.86 0.0085 0.005 0.0095 0.102
CQOV (%) 1.39 2.80 1.57 3.87 19.43 15.44 0.97 11.38
B25-S3
Mean 204975 217045 585.84 565.27 0.0482 0.033 0.99 0.96
S.D 3967 3568 5.61 21.86 0.0041 0.006 0 0.034
COV (%) 1.9354 1.64 0.96 3.87 8.55 17.83 0 3.51
B20-S4
Mean 205996 202729 610.42 633.84 0.0216 0.026 0.985 0.95
S.D 3389 9433 8.34 31.66 0.0034 0.008 0.0057 0.020
COV (%) 1.64 4.65 1.37 4.99 15.81 30.74 0.586 2.083
B40-S1
Mean 182020 195853 438.10 451.80 0.0337 0.034 0.87 0.95
S.D 32428 3696 37.56 11.03 0.0227 0.005 0.077 0.052
CQOV (%) 17.81 1.89 8.57 2.44 67.56 15.09 8.89 5.44
B30-S2
Mean 208388 210671.7  530.43 565.26 0.0439 0.035 0.98 0.90
STD 2893.34  5900.322 8.32 21.86 0.0085 0.005 0.0095 0.102
CQOV (%) 1.39 2.80 1.57 3.87 19.43 15.44 0.97 11.38
B25-S3
Mean 204975 217045 585.84 565.27 0.0482 0.033 0.99 0.96
S.D 3967 3568 5.61 21.86 0.0041 0.006 0 0.034
COV (%) 1.9354 1.64 0.96 3.87 8.55 17.83 0 3.51
B20-S4
Mean 205996 202729 610.42 633.84 0.0216 0.026 0.985 0.95
S.D 3389 9433 8.34 31.66 0.0034 0.008 0.0057 0.020
CQOV (%) 1.64 4.65 1.37 4.99 15.81 30.74 0.586 2.083

3.4.9 Failure Mode

The tensile failure mode shows typical necking failure at the region of uniform width. Some
samples have grip failure owing to thlesence of the hourglass gauge length due tanthed
dimensions of the tested coupons. As can be seen from Bi@&ethere are different failure
locations and modes. It is worth mentioning that most of the specimens have ductile fracture

behaviour.

Also, as reported by other researchelrdl] , the previous manufacturing process has an
influence on the softening of the cyclic stresi®min curves of steels. The Bauschinger effect is

clearly observed in some of the tests. It is worth mentioning that the specimens in the current
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study were taken from bracing members that have been strained beyond yield points in the
shaking table tests. Thus, previous strain hardening of the specimens may have an influence on
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the softening of the cyclic strestrain curves.

It can be noticed from the lewycle fatigue experimental data; the softening hardening govern
the behaviour of the materials. The results reveal that the steel behaviour exhibits significant
buckling effects at high strain amplitudes. The Bauschingectaffeclearly observed in most
tested data results. FiguB29 shows the buckling failure mode on the specimen. As a
conclusion from the results, as the sections of the coupons go to small thickness, the failure

controlled by buckling mode. In general, the coupons are prone to buckling failure under high

strain amplitudes.
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Figure 328: Necking failure mode of the specimens due to tensile test.

-08-



Chapter 3. Testing Materials

/ S34-2-A-3 \ / S34-4-B-1 \ / S4-4-2-A-2 \ / S1-1-4-C-2 \

S34-2-A-3 S34-4-B-1 S4-4-2-A-2 S1-1-4-C-2

N AN AN AN /

Figure 329: Buckling failure mode of the specimens due to axial fatigue test.

3.5 Summary and Conclusion

Coupon tests were conducted to acquire the cyclic and fatigue material properties of the steel
braces and gusset plates from a-sealle frame previously subjected to earthquake excitation.

A total of 48 fatigue steel coupons and 30 tensile coupons wbjected to testing at room
temperature, employing various strain rates under two different loading protocols: monotonic
tensile and cyclic straining with constant strain amplitudes of £0.5%, +1%, +2%, +3% and +5%.
During the teststhe strain was recordelly strain gauges. Additionally, the Digital Image
Correlation (DIC) technology was applied to supply strain measurements when the strain
gauges were out of range. The test data are used to fit a set of numerical models concerning the
cyclic and fatigue material behaviour of structural steel. The results of the monotonic and the

fatigue tests are summarised in the following points:

X The average Young's Modulus, yield strength, and ultimate tensile strength of the steel
coupons are 202 GPa, 406 MPa, 448 MPa and the corresponding coefficient of variation
(COV) are 8.7 %, 24%. 22%, respectively.
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The average monotonic hardening parameters K and n for tubular sections are 520 MPa,

and 0.036, while the values for gusset plates are 597 MPa and 0.09, respectively.

The average hardening parameters (K and n) for the first cycle of cyclic tests for tubulars

sections are 542 MPa, and 0.033, respectively.

A comparison of monotonic hardening and fiegtle hardening parameters shows that
the curves are comparable and reliable. For instance, for the tubular section 40x40 mm,
the monotonic hardening parameters are 438 MPa, 0.034, while the values are 451 MPa,

and 0.034 for the first cycle test.

The waveform of the fatigue test was sinusoidal, and all fatigue tests were conducted
under constant frequency and constant strain amplitude, sfithia ratio of R=1, fully

reversed.

For the fatigue tests the average number of cycles to failures are 26, 65, 151, 397, and
1143 for 5%, 3%, 2%, 1%, and 0.5%, respectively.

Softening behaviour was observed during cyclic tests under constant strain amplitude.
However, when comparing cyclic tests for different strain amplitudes, hardening was
evident. The values for strain hardening parameters obtained over various strain
amplitude vary from K' = 298 MPa, n' = 0.009 to K' = 493, n' = 0.08.

The von Mises flow rule and a combined model of both lirear isotropic and non-
linear kinematic hardening were adopted. The parameters of cyclic hardefing {,é

> % pand U were calibrated from test data, and their average values werd 283, -
3.32, 57028, and 318 MPa, respectively.

The fatigue ductility coefficientYy and the fatigue ductility exponent ¢ are obtained
using the Coffin—Manson law and cyclic stresssincurve. The values ranged from 0.1
to 0.67 for Y and-0.41 to 0.64 for ¢ with averaged values of 0.28 afd494,

respectively.

Most specimens exhibited a ductile fracture during the tensile tests, signifying their
ability to deform significantly before failure. However, the fatigue tests resulted in
failures governed by a buckling mode, suggesting a different failure mechanism under
repeated loading.
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x Concerning the fatigue failure mode, buckling was noticed in some of the specimens,

particularly at high strain amplitudes.

It is worth discussing that buckling occurred depending on the strain amplitude. The test data
is valid before buckling happens, but data after buckling was used because the exact moment
of buckling is unknown. This may introduce some inaccuracy in theg®sglts. However, the
numerical model shows good agreement with the initial part of the test data. At least the first
few cycles provide accurate results, and during an earthquake, where there are few excitations,

the first part of the data is generally reliable.

This chapter focuses on monotonic and -lowle fatigue tests to evaluate the mechanical
properties of steel, which are crucial for assessing the performance of structural systems under
seismic loading. The study includes qustsitic tensile tests and constant strain amplitude
cyclic tests. The results will be used to develop stliéénrelationships and cyclic hardening
parameters. These parameters are suitable for incorporation into numerical models to predict
the fracture of structural members subjected to large amplitude cyclic loading, as may occur
during severe earthquakes. Interestingly, while fatigue ductility values closely align with those
reported in previous studies, fatigue strength exhibits significant variability across different
research fidings. The comprehensive steel property data presented in this cludfeey
valuable insights for a wide range of future applications and research endeavours, with the
potential to significantly advance the field of materials science and engineering.

3.6 Limitations of the Tests and Numerical Results

In this study, there are some important implications and restrictions that affect the revealed
results of the monotonic and cyclic tests. The stsasgsAcurves and low cycle fatigue results

have the following concerns:

X In some small cases, the machined coupons extracted from the specimens have less
coverage of the geometry restrictions standards and locations. Therefore, the results
obtained might varyvhen using the corner specimen.

x For all considered fatigue tests, all the tests were performed under uniaxial constant
strain amplitudes. Therefore, the results of stress strain and low cycle fatigue behaviour
might be different under muitixial strain amplitudes.
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The strain rate effects were not considered as key variables on thessagsssponse.
Therefore, the results of stressaincurves could not be the same behaviour for various

testing strain rates.

The strainlife of the low cycles fatigue obtained for considered steel categories is
limited to the constant strain amplitudes 0.5%,1%,2%,3%, and in some cases 5%.
Employing a wider range of strain amplitudes and loading conditions can provide a

more compehensive understanding of the material's behaviour and failure mechanisms.

Strains induced by earthquake loading exhibit a much more random pattern compared
to the complete reverse cyclic strains used in the coupon experiments. The load history
can especially affect the fatigue life results.

All the results for monotonic and cyclic tests are implementedah temperature.
However, it's important to note that temperature variations could significantly impact

the results.
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Chapter 4. Shaking Table Tests

4.1 Introduction

This chapter provides a comprehensive overview of the physical laboratory test setup and
procedure for evaluating the Sélentring Steel Concentrically Braced Frame {SBF)
system. The objective is to subject the SBF to actual ground motion excitation through-full
scale shaking table tests, with the aim of demonstrating the anticipatesh#ipgd response.

This chaper outlines the configuration of the tested frame, as well as specific details related to
the SGCBF systemFurthermore, this chapter covers the instrumentation layout within the
frame and details the testing protocol utilised in the experimental Tegtsindings from the

shake table tests are compared to results from@uesthtests previously conducted by O’Reilly

and Goggin$164.

In the past 10 years, a novel ®BF system was proposed and developed by University of
Galway for use in CBF buildings subjected to natural hazards such as earthquakes. A series of
laboratory experiments including shake table tests were conducted tiigatesthe behaviour

of the novel selcentring system. As part of the Seismology and Earthquake Engineering
Research Infrastructure Alliance for Europe (SERA) programme, a comprehensive shaking
table test campaign was conducted using esftdle 1:1 modef a braced frame. The structure,
consisting of a steel frame, steel bracing membersstpgesed steel strands, and an additional
mass system, was installed on a 5x5 m shake table at DYNLAB, IZIIS, in Skopje, North
Macedonia.

This test forms a key part of the SERA project, which aims to advance seismic research. The
shake table testing frame used in the study was designed by the author, and a detailed testing
program was developed to capture all necessary parameters. The tests were carried out at the
Macedonia facility with assistance from localdahtorytechniciansand researchersollowing
the completion of the tests, the collected data was thoroughly analysed to evaluate the
performance and behaviour of the specimens. dlipter provides a detailed overview of the
test preparations, the testing program, and a comprehensive discussion of the results.
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4.2 SC-CBF Experiment Campaigns

4.2.1 Overview of Pushover Experiment Tests

The development of a novel sekéntring CBF system at University of Galway commenced

with O’Reilly et al. L67]. This novel system for CBFs utilised the horizontal approach of the
self-centring system. Experimental quasatic cyclic pushover analysis was conducted at the
large structures laboratory, University of Galway, to evaluageperformance of the self
centring system. These tests revealed a good comparative results agreement between the
analytical and experimental behaviour of the propose®BE system. Figure 4-depicts the
arrangement of the SCBF and the connection behavid®6]. In this chapter, only a brief
summary of the pushover experimental tests will be provided, given that this subject has been
thoroughly examined and documented in previous research, particularly in O'Reilly's master's
thesis 68]

Figure 4-1: (a) Schematic arrangement of a-8BF (b) hysteresis behaviour for the-SC
CBF. [56]
In the experiments, various brace geometries were tested. The tests were conducted until the
braces fail mechanically (plastic deformation, buckling, or rupture). More details about the
materials, sections, and load protocol will be discussed in the next subsections.

4.2.2 Overview of Shaking Table Tests

In the shake table test, four different bracing configurations were used, incorporating different
square hollow section (SHS) braces and gusset platesditdotional loading with varying

shake table accelerations was executed and the structural response evaluated using data from
strain gauges (SG), load cells (LC), displacement transducers and accelerometers. The
measured results provide information on important parameters such as the tensile and

compressive strength of the braces, {msikling capacity,gusset plate strains and post
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tensioning force. These findings are then presented, and the crucial local and global response

performance is emphasised.

Under a variety of earthquake records, theCEF system has demonstrated that it behaves as
expected, returning to its vertical position after large earthquakes, dissipating energy from the
earthquake, and protecting the rdiepersive structural elementsAdditionally, a
comprehensive additional material testing programme that is needed for detailed model
development was conducted in conjunction with further-postessing and analysis of the

experimental data.

The development of this novel STBF system at University of Galway commenced in the
research work of O'Reilly et al1[167,168]. This novel system for CBFs utilised the horizontal
approach of the setfentring system. Figur4-2 depicts the arrangement of the-88F and

the connection behaviour based on diegelopednodelby O’Reilly and Goggins 96]. The

lateral forces acting on the structure are entirely resisted by braces and rocking connections.
These components are specifically designed to facilitatesetfing behaviour, meaning that

after experiencing lateral displacements during an earthquake, the structure is capable of
returning to its original position due to the flexibility and enedigsipating properties of the
braces and rocking connections. Despite this-citring behaviour, the main structural
elements, including columns, beamasd postensioned (PT) strands, maintain their elastic
behaviour, ensuring that they remain within their elastic limits and can efficiently support the
loads without undergoing permanent deformation. Using theCBE system, the main
objective of this stdy is to validate and further develop this novel system for use in buildings

subjected to natural disasters such as earthquakes and winds.
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Figure 42: The details and experimental model of the rocking connection of t&BEC
system

4.2.3 Materials of the Specimens

Table4-1 presents the averages of yield strength, ultimate strength, and Young's modulus of the
materials extracted from the used braces. The table also illustrates the comparison and
differences between the mechanical properties of the brace sections. Notalgl\sestions

exhibit significant variations in both yield and ultimate strength. Sections B1 and B2 braces
have a significant difference in modulus of elasticity with more than 20%. B1 bracing has about
20% differences on both tests for yield and ultim&ngth, while B4 brace has about 15% for

the same mechanical properties. Other braces have a relatively small percentage of differences

between tests with about 5% in average for most material properties.
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Table 41: The comparison of the material properties of the egesgions that were used for
the braces in the pushover and shaking table tests.

Specimen Bl B2 B3 B4
Pushover Test
Material 20x20x2.0SHS 25x25x2.5SHS  30x30x2.5SHS 40x40x4.0SHS
Fy (/29 433.34 469.22 449.37 411.21
Fu (/29 437.05 493.92 469.57 428.66
E()23 231.11 216.83 214.82 163.06
Shaking Table Test
Material 20x20x3.0SHS 25x25x2.0SHS  30x30x3.0SHS 40x40x4.0SHS
Fy (/129 535 442 418 355
Fu (/29 549 476 442 375
E()2> 187.23 208.41 205.12 206.14
Differences /Referencé&haking Table
Fy % (+)19% (-) 6.15% (-) 7.5% (-)15.83%
Fu% (+) 20.39% (-) 3.76% (-) 6.23% (-)14.30%
E()23% (-) 23.43% (-) 4.04% (-)4.72 (+) 20.89%

Reference for difference is Shaking table tests
(-): Negative difference; (+): Positive differences

4.2.4 The Tested Frames Geometry

The SCCBF frame is designed to be as similar as possible to the one tested by O’Reilly and
Goggins [L66], where more design details, including the size of members, braces design, gusset
plate design, and PT force, can be found. Nonetheless, owing to limited availability of steel
sections, modifications were made to component selection. The European sections were
selected in the shaking table experiment, while the UK sections were used in the pushover tests.
Table4-2 gives information about the differences between two universal sections in terms of
the most significant parameters such as; esestion moment of inertia, and masses. The
percentage of difference in masses and areas fell just over 10% and 15% for beams and columns,
respectively. The second moment area anth@r axis had around 17% difference in beams

and nearly 13% in columns. These figures had a significant increase in the minor axis

dramatically.
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Table 42: The comparison of the main cressction’s element was used in the pushover and
shaking table tests.

Structure elements Beams Columns Difference  Difference
(Beam %) (Column %)
European British European British
Reference for
Item Unit Beam UB HE ucC Difference is British
IPE200  203x133x25 160 B 152x152x37
Mass Per metei kg/m 22.4 25.1 42.6 37 (+)10.75%  (-)15.1%
Area of section A cn? 28.5 32 54.3 47.1 (+)10.39% -()15.28%
Second
Moment of Ix cmt 1943 2340 2492 2210 (+)16.96% (-)12.70%
Area AXis %X
Second
Moment of ly cmt 142 308 889 706 (+)53.89% (-)25.92%
Area AXxis yy

It is worth noting that the diameter of the centre pin at lower support near the base was 40 mm,
while 48 mm in the shaking table tests. This improves thecealfing lateral resistance due to

the enhancement of tiehear resistance of centre pin support that trangfertateral loads.
Figure4-3 shows the dimensions of the frames used in both the pushover and shaking table

tests, respectively.

Figure 43: Schematic elevation of the &BF system (a) 2firame (b) 3Dframe.

4.2.5 Braces

The brace member thickness and geometry were not identical in properties in both tests (shaking
table and pushover test$able4-3 depicts the differences between the measured thicknesses

of bracing members in both tests. These differences were small compared to the member sizes.
The thickness of 20x20 brace had the highest differences between all members with 33%, while
the 25x25 and 30x30 sections were 25% and about 14%, respectively. It is worth mentioning
that the 40x40 braces had an insignificant difference which is just below 3%.
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Table 43: The comparison of the geometries of the eeexdions were used for the braces in
the pushover and shaking table tests.

Specimen Bl B2 B3 B4
Pushover Test
Sections 20x20x2.0SHS 25x25x2.5SHS  30x30x2.5SHS 40x40x4.0SHS
All S 134 209 259 535
b1l 20 25 30 40
t Il 2.0 25 25 4.0
Class 1 1 1 1
LIl 1437.60 1435.10 1432.60 1395.30
2.12 1.70 1.39 1.03
Shaking Table Test
Sections 20x20x3.0SHS 25x25x2.0SHS  30x30x3.0SHS 40x40x4.0SHS
All S 204 184 314.36 550.24
b1l 20 25 30 40
t o1l 3.0 2.0 2.9 3.8
Class 1 1 1 1
LIl 1395 1433 1435 1438
2.10 1.61 1.37 1.03
Differences /Referenc&haking Table
A% (+) 34.31% (-)13.58% (+)17.61% (H)2.77%
t % (+) 33.33% (-) 25% (+) 13.79% (-)5.26%
L % (-) 3.05% (-) 0.14% (+) 0.16% (+)2.96%
% (-) 0.95% (-) 5.59% (-)1.45% 0.0%

Reference for difference is Shaking table tests
(-): Negative difference, (+); Positive differences

4.2.6 Post-Tensioned (PT) Strands

The PT strands are commonly used in concrete prestressing to increase the strength and
durability of structures. The PT strands are installed along the centoélithe beams and
mounted at the flanges of the two side columns. This arrangement suggests that the beams span
between the two columns, with the PT strands providing additional axial load and lateral
stiffness to the structure. The unbonded PT strandsuhahrough the main joints in order to
provide the seltentre of the system (to return tegstem to its original position) were

considered as stringent components of the behaviour of the system.

In pushover tests the nominal diameter of the cables was 12.3 mm, while it was 15.3 mm in the
shaking table tests (due to the availability of strands in R. North Macedonia); this is the only
difference in terms of strands properties. It is worth mentiothiagthe postensionforces in

both tests were the same as 80 KN. The actual PT strands selected consisirefstahdard

strand. The PT elements were designgti a yield stress ¢ft) of 1770 MPa and enodulus

(Ept) of 195 MPa. During testing, i important to ensure that the forces being generated by the
strands during the tests have to be maintained under 75% of the breaking load to avoid any
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possibility of strands fractures. The PT strands are located in the central middle frame of the
self-centring system, spanning between the upper and lower beam flanges at the storey level as

can be seen in Figure44-

Figure 44: Depicts the PT strands positioned at the central axis of the upper beam.

4.2.7 Loading Protocol

By using pushover analysis, it is possible to trace the sequence of failure and yielding of the
structure, as well as to chart the progression of its capacity ciashover analysis has been
performed to determine whether the structure meets seigniarmpance standards. According

to the ECCS load protocdl §9], the braces are tested with a cyclic displacement history on the
test frame. It involves a series of displacement cycles that increase in amplitude until failure of
the specimens is achieved. The amplitude of its cycles is defined as multiples of dhe yiel
displacement. The cycles are defined as the symmetric sequence of the cycles; one cycle of
25%, 50%, 75%, and 100% of}, followed by a bunch of three cycles with a maximum
displacement of 2n + 2 times the yield displacement, where n=0,1, 2, .Eigtice 4-5
illustrates the protocol pattern of the pushover tests based on the ECCS. Therefore, the loading
protocol is dependent on an estimate of the yield displacement of the specimens. In addition to
the ECCS loading protocol, a 5mm allowance for the frameiligy was incorporated into

the displacement cycles in addition to the 1mm/s loading rate by O’Reilly and Godgiis [
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Figure 45: Waveform of the ECCS loading protocol as per ECCS rejidi9]

In the shake table tests, a fattale model of a 3D steel frame was mounted on the 5x5 m shake
table at DYNLAB, IZIIS The SCCBF structure was modified and extended to accommodate
different sets of braces (as energy dissipation elements). H@BEGystem was subjected to

two real ground motion records (under uniaxial loadings with various shake table motions).

The seismic performance of the sedintring system was evaluated using two real ground
motion records (GM1 and GM2) from two earthquake evebtszce 1999 (M7.3) and Central

Italy 2016 (M6.5). This was done according to the structural fundamental pgiods ~ 0.13

s). As can be seen in Figu#es, the timehistory plots and the elastic acceleration response
spectra (under 5% damping ratio) of the two ground motions. The GM1 matches the expected
natural frequencies better than the GM2 when comparing the frequency contents of the two
ground motionsThe expanded bandwidth of GM2 may, however, result in higher force and
displacement demands after brace yielding during strong motions. Before testing, the high-
frequency and lowirequency components of two ground motions were filtered based on the
shaketable technical specifications. It should be noted that the structure fundamental periods
used in the ground motion selection were estimated before testing and were shown to be lower

than the tested values.

Figure 46: Timehistory and acceleration response spectra of the selected ground motions.
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The time history of GM1 has a nearly symmetrical distribution centred at 12 seconds. When
GML1 is excited, the structure can be considered to undergo two similar events in succession. In
the same PGA, GM1 will therefore exert more energy on the structure than G&I&triicture

may experienca pulse excitation due to GM2's sharp acceleration drop at 10s.

Table 4-4 outlines the comprehensive testing program. It involves six different test series
denoted as S1 to S6, categorised according to the types of braces installed. In each test series,
a new pair of braces is initially installed and subjected to a serieswidymotions.

Table 44: The testing program and test results summarisation of the shaking table tests.

Test# Series TestNo. Brace GM PGA [g] Amplification Factor
19 S1 Testil B4 GM2 0.41 1.20
29 S1 Testi2 B4 GM2 0.43 0.96
37 S2 Test24 Bl (Pair2) GM1 0.57 2.96
41 S3 Test32 Bl (Pairr2) GM1 0.21 1.89
45 S3  Test34 Bl(Pair2) GM1 0.41 4.58
50 S4  Test42 B2 (Pairl) GM1 0.25 1.87
52 S4  Test43 B2 (Pairl) GM1 0.48 5.11
55 S5 Test51 B2(Pair2) GM2 0.09 2.30
56 S5 Test52 B2 (Pair2) GM2 0.22 1.21
62 S6 Test6l B3 (Pairl) GM1 0.09 2.09
65 S6 Test63 B3 (Pairl) GM1 0.50 3.10

4.2.8 Shaking Table Test Campaign

4.2.8.1 Tested Structure

The shake table testing of the-8BF system under realistic earthquake loading was conducted
as part of the H2020 SERA project. The testing involved four sets of bracing configurations,
incorporating different square hollow section (SHS) braces and guiaset. Unidirectional
acceleration records with varying amplitudes (see Figu6} were performed, and the

structural response was recorded using a set of instrumentation devices

The tested structure consists of one@BF and two gravity frames as can be seen in Figure
4-7 The gravity frames are symmetrically placed around th«8E, connected by beams and
braces to prevent torsional effect during excitations. The roof's inertial force is transferred to
the SGCBF through the central pin joint, while the other side joints were designed to behave
as rollers. Three types of connections are used in thR€EE pinned, slotted, and rocking
connections. The rocking connection, which is important to the system, PT strands, installed

along the centre line of the beams, were employed to provide lateral stiffness to the frame.
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Figure 4-7: Testing structure mounted on the shake table in the Institute of Earthquake
Engineering and Engineering Seismology (1Z11S), Republic of North Macedonia.

4.2.8.2 SGCBF System

The SCCBF system, which is referred &s theprimaryresisting system for lateral
seismicloads, operates on tihasisof a rocking mechanisitiat dissipateenergy through the

plastic deformations of bracetementsvhile protecting the maistructural elements

like beams andolumns Figure 48 illustrates the components of the-SBF (middle frame),

which includes three columns, the three columns were spaced at intervals of 1.6 meters, with
four beams connecting them. These horizontal short beams, which are part of the PT system,
play a main rte in transferring earthquake loads from the roof to the braces. These braces serve
as the primary energy dissipating elements of the structure. In Heiréhe beams in the
structure are connected to the columns through rocking connections. These connections allow
the beam ends to rock against the face of the column flange using two horizontal slotted
connectionsThe steel structure has an overall height of 2.5 meters. To replicate the effects of
gravity loads, steel ingots weighing a total of 20 tonwese utilised These ingots were
strategically placed on the roof of the structure to accurately simulate tHderéalces that

would act on it under normal conditions.
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Figure 48: Schematic of the SCBF and the gravity frame.

Figure 49 provides a visual representation of the rocking connection details. In this
configuration, a short beam is linked to the column flange via a plate, securely welded to the
column. This plate incorporates two elongated holes, commonly referred to as slots, through
which bolts establish a connection between the beam and the plate. When lateral forces are
applied to the frame, the bolts are permitted to slide within these slots, allowing the beam to
rock against the column flange. Simultaneously, as the rocking motion occurs, the PT strands,
which are positioned along the centreline of the beams, undergo elongation and then internal
forces propagate along the strands. Therefore, the tensile forces applied by these strands play a
significant role in repositionm the rocking connection back to its original state, thereby

achieving the desired seatentring behaviour.

Initially, the connection remains closed by the initial axial force in the PT strands, and the frame
primarily functions as a momengsisting frame. However, once the bending moment at the
connection exceeds the compression moment induced by the PT strands, the connection initiates
opening. To prevent any local damage to the beams and columns during this rocking action,
additional measures are implemented. These include reinforcing the webs and flanges around

the connection with cover plates and stiffenassdepicted ifrigure 49.
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Figure 49: Details of the rocking connection and specimen connection.

Regarding the connections at the column ends, two distinct types of supports were employed:
the roller connection and the pin connection. These were chosen to represent the configuration
of the frame under investigation, which is a component of a larger stoiléy steel structure.

Roller connections were utilised at the ends of the two side columns, as illustrated in Figure

4-8. The column was connected to both the shake table and the roof through a steel pin
connection, the steel pins were accommodated within slotted steel plates. This setup allowed
the column end to both slide and rotate within the slot. Consequently, solely vertical loads from

the roof were transmitted to the shake table through this connection.

In contrast, the middle column of the ®XIBF was pirconnected to both the shake table and

the roof. This pin connection, distinct from the roller connection as can be seen ind=igyre
provided shear resistance to the frame. Thus, the lateral forces generated by the roof were
transferred through the central pin to the structure and, subsequently, to the shake table. Steel
bolts made of M48 steel of 10.9 grade were used for the pin connection to achieve the necessary
shear strength. It's important to note that both connection types were not designed to resist

rotational forces, which effectively prevented the development of moments at the connections.
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Figure 4-10: Details of the roller connection and pin connection.

4.2.8.3 Gravity Frame

The schematic of the gravity frame is illustrated in FigdwEL Two gravity frames were
symmetrically positioned on both sides of the-GBF. In this arrangement, the two columns
were connected to the roof and the shake table through pin connections. Consequently, the
gravity frames did not contribute any lateraffsgss to the overall structure. To ensure that all
three frames shared the same lateral displacement in the direction of ground motion excitation,
steel beams and braces were employed to connect the two gravity frames teQB&.Jis

design was impleented to ensure that the frames provided support for gravity loads and

structural stability, while the seismic energy was efficiently dissipated by tHeBFC

Figure 4-11: Schematic of the SCBF and the gravity frame.
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4.2.9 Braces and Gusset Plates

Through the implementation of specially designed connections and the precise sizing of steel
profiles, the frames were effectively protected from damage during testing. This approach
ensured the reusability of the testing structure for multiple experimémsonly components
requiring replacement after each test event were the braced members. The connections for these
braced members were thoughtfully designed to facilitate easy replacement between tests. The
two-member braces (SHS) that were installed in theCBE to function as an energy

dissipating element are shown in Figuré2i-

Figure 4-12: The brace specimensHS) along with gusset plates installed in the GBF
frame.

The connection details for the brace ends are illustrated in Fegtir€he braces were attached
to the short beams diagonally using gusset plates that were welded to the brace ends. In order
to prevent brace connection failure due to-auplane (OOP) deformation, steel cover plates
were welded to the ends of the bracds fusset plates were supported by two perpendicular
steel plates, arranged imatually perpendicular manner, effectively preventing undesired out
of-plane (OOP) buckling. There was a similar angle between the mounting location of the
gusset plate and the rocking connection where the four centre lines of the brace, beam, and
column net. Figure4-13 shows the gusset plate positioned at the lower flange of the upper
beam.However, it is important to note that the design of the gusset plate was carried out
following Eurocode standards. These European structural design codes provide specific
guidelines and requirements to ensure safety, reliability, and performance in various
engineering applications. By adhering to Eurocode, the gusset plate design meets stringent
criteria for loadbearing capacity, stability, and durability, ensuring it complies with

internationally recogsed best practices.

-117-



Chapter 4. Shaking Table Tests

Figure 413: The gusset plates installed at upper beam in th€BE frame

However, to prevent any refraining of the gap opening of the rocking connections, the gusset
plates were connected to the beam flange using four bolts instead of welding as can be seen in
Figure 4-13.This bolted connection design simplified the installation and replacement of the
braces. As a result of seismic loading conditions, when enough lateral loads were applied to the
frame to open the gaps, the beams began to rock against the columnsyitigrisfees to the

braces via the gusset plates. Steel cover plates and stiffeners were welded to the webs and
flanges, respectively, to prevent local flange failure.

The shake table tests incorporated four types of steef@oldSHS (Square Hollow Section)
braces, each with details sizes, as outlinedainle 4-5. In the table, L represents the brace
length, b denotes the cressction's external width, t indicates the crssstion's thickness; f
represents the steel yield stress, antbfresponds to the steel's ultimate stress. These brace
sizes were thoughtfully selected to maintain consistency with the members previously tested by
O'Reilly and Goggins 166] and to remain within the capacity limitations of the shake table,
ensuring that the braces could exhibit the desireddteaped behaviour. Several pairs of
members were prepared and tested under different ground motions for brace types B1 to B3,
but only one pair of members was tested for braces type B4.

Table 45: Measured brace geometry and material properties

Name L [mm] b [mm] t[mm] fy[MPa] fu[MPa]

Bl 1395 20 3.0 535 549
B2 1433 25 2.0 442 476
B3 1435 30 2.9 418 442
B4 1438 40 3.8 355 375

To obtain the material properties of the braces and gusset plates, coupon tests are conducted.
After the experiment, steel coupons are extracted from the undeformed sections of tested
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specimens and subjected to gustsitic tensile loading. The average Young's Modulus of the
steel coupons is determined to be 202 GPa,with a corresponding coefficient of variation (COV)
of 8.7%. In the modelling of tests, the average Young's Modulus value is utilised for all four
types of braceslTable 4-2 provides a summary of the material properties of the beams and
columns that have been used in the motldle4-6 summarises the coupon test results of the
gusset plates. More details and information about material properties can be fQinagiear

3.

Table 46: Measured gusset plate material properties

Name t[mm] fy [MPa] fu[MPa]

B1G 4.8 258 339
B2G 4.8 293 344
B3G 4.8 267 333
B4G 59 544 634

4.2.10Instrumentation

4.2.10.1Frame Instrumentation

Figure4-14illustrates the arrangement of instrumentation for the testing structure. In the case
of roller connections, the installation of linear variable differential transformers (LVDTs) was
carried out to monitor the relative displacement of the rod, thus egsustayed within the
specified design limits. This preventive measure not only avoided damage to the connection but
also guaranteed that lateral loads were exclusively transferred through the central pins. It was
decided to install two LVDTELVDT 11&LVDT 12) in the central pins during testing to ensure

that they do not fail due to shear failure.

Figure 4-14: Locations of accelerometers, displacement transducers and load cells
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The gap opening of the rocking connection, a crucial component of the PT system, was
monitored using two pairs of LVDTs, namely LVDT5/6 and LVDT7/8. These measurements
allowed for the observation of the rocking connection's rotation. In terms of overatusal
movements, two linear potentiometers, LP1 and LP2, were positioned at the upper and lower
beam levels of the middle column. The data obtained from these sensors were employed to
calculate the intestorey drift ratio. In Figurd-15, an LVDT installed at various sides of beams

and columns is used to measure movement and elongation at a particular point on the structure.

Figure 4415: Displays an LVDTs device employed in the measurement of the gap or opening
within a rocking connection.

In the northsouth direction of the ground motion excitation (as indicat&igare4-14), a total

of 7 accelerometers were strategically positioned to monitor the acceleration responses of the
structure. These accelerometers were placed at various levels, ranging from the table level to
the roof level. Accelerometer Acc9, located on the sh@@ble itself, was responsible for
measuring the ground acceleration, thereby ensuring the proper functioning of the shake table
control system. For rodével measurements, tlaecelerometer Acc4 was centrally mounted

on the roof mass. The data recorded by Acc4 represented the roof acceleration, which was
subsequently used to calculate the fundamental period of the structure. Additionally, two
accelerometers, Acc7 and Acc8, warstalled at diagonal corners of the roof in the -easit
direction. These ensors were positioned to ensure that the structure exhibited minimal

responses in this transverse direction and to account for torsional effects in the structures.

The shake table was equipped with its internal data acquisition system to measure the responses
of the table itself, including acceleration and disphaeet. This system was utilised to monitor
and record the behaviour of the shake table during the tests. In the case of the PT strands, load

cells (LC1 ~ LC4) were utilised to monitor the tensile force within the strands. These load cells
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were installed at the ends of each strand, and they were responsible for tracking the force that
propagatedh the strands, both during the installation phase and throughout the testing process.
The measurement of the compressive force transferred to the PT strands was conducted by

employing four load cells, as visually depicted in Figu4-

O

Figure 4-16: Displays the installation of two load cells (LC) at the upper and lower beams
level.
In order to monitor the responses of the three columns and four short beams ofGB& SC
frame, strain gauges were strategically installed. The specific locations of these strain gauges
are illustrated in Figurd-17 for reference. Two pairs of strain gauges were installed on each
member, with one pair attached to the upper flange and the other to the lower flange of the steel
profiles. These strain gauges continuously monitored the strain values during testinge¢o ens

that the beams and columns maintained their elastic behaviour.

Figure 4-17: Beam and column strain gauge locations
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4.2.10.2Specimen Instrumentation

Given that the braced members are the sole components responsible for dissipating energy in
this selfcentring structure, strain gauges were strategically installed on both the braces and the
gusset plates to monitor strain development during testing. FgliBeshows a variety of
devices used for different kinds of measurements, including accelerometers, LVDTSs, strain
gauges on braces, and strain gauges on gusset plates. The north brace was equipped with four
strain gauges positioned at its rsigan, with one omach side of the square creasction.
Figure4-19illustrates the locations of the strain gauges for the north specimen. Moreover, two
strain gauges were attached at each brace end to ensure the connection's integrity during
dynamic loading. In the case of the gusset plate, a total of 12 strain gaugasstadled to

monitor the transmission of loads from the beam to the brace end. In contrast, the south
specimen had only four strain gauges (designated as SG1 ~ SG4) in the brapgamiuiited

by the channel capacity of the data acquisition systemiata analysis, the stress values could

be calculated from the recorded strain data usinghysumodulus, a material property
determined from coupon tests. Furthermore, there were LVDTSs, specifically LVDT9/10 in
Figure4-14 installed on two braces to monitor the change in member length between the two
ends.However, it's important to note that the brace elongation data recorded by these LVDTs
were found to be inaccurate when the brace experiencedf-plane (OOP) deformation

during testing. In this case, the outstanding functionality ofammact instruments allows for
high-quality 3D modelling and documentation, with easy and intuitive control. These tools
ensure accurate geometry of scanned objects, whilespigdd, higlguality laser sanning

enables the rapid capture of large volumes of data.

Figure 4-18: lllustrates various types of devices for different purposes of measurdajents
strain gauges on gusset plat&é3 &ccelerometers] strain gauges on braced)(LVDTs
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Figure 4-19: North brace and gusset plate strain gauge locations

In addition to the strain gauges, accelerometers, and displacement transducers, a Leica 3D laser
scanner was employed to perform 3D scans of th€BE structure between each test series.

This advanced nowontact survey technique is particularly effective in capturing the intricate
shapes and deformations of the braces, which can be challenging to measure accurately using
traditional displacement transducers. Figd+20 provides a visuagation of the point cloud

data acquired by the laser scanner, presenting the detailed geometry of the testing structure.

Figure 420: Point clouds of the testing structure
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4.2.11Test Program

The shake table tests were carried out at the DYNLAB, located within the Institute of
Earthquake Engineering and Engineering Seismology (IZIIS) in Skopje, Republic of North
Macedonia. These tests involved applying ground motion excitation in thesomtthdirection

to the structure under investigation. The testing program, detailebia4-7, included eight

test series labelled as S1 to S8. These series were categorised based on the types of braces
installed in the structure. Several trial tests were conducted within this series, each subjected to
different ground motion scale factors. S1, which was part of the initial test series,-@BFSC

was equipped with B4 braces. Since the B4 braces were the strongest specimens in the test
program, they remained within their elastic limits during testing, primarily due to the shake
table's capacity catraints. Therefore, only two tests were reported, each corresponding to a
different ground motion. The primary objectives of the tests in S1 were to verify the structural
integrity, validate instrumentation, observe load transfer mechanisms, and stuslgstice

behaviour of the structure.

For each test of S2 through S7, a pair of braces were subjected to the same testing protocol
which used a scaled version of the same ground motion record. The scale factor was increased
gradually up to failure. The first test within each series was sebjécta relatively smalcale

factor, with the objective of ensuring the structure behaved fully elastically. The results of this
test were used to determine the roof acceleration amplification factor of the structure under that
specific ground motion. Additionally, these initial tests were instrumental in validating the

strain gauges on the newly installed braces.

Subsequent tests within each series were conducted with gradually increasing scale factors,
designed to bring the braces to their yield point. Once the yield displacement of the structure
was identified, a larger scale factor was applied to drive the braces to a displacement level
approximately four times the yield displacement. However, it is essential to note that, in some
cases, the ground motion scale factor was constrained by safety considerations related to the

capacity of the shake table.

In between these tests, white noise tests were performed. The primary aim of the white noise
tests was to determine the natural frequency of the structure, which serves as an indicator of
potential structural damage. The test protocol ensured that treslmaly experienced plastic

deformation during the final test of each series.
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Test series S8 involved the study of the structural behaviour of the frame without any braces
installed. In this configuration, the bare frame relies primarily on friction to dissipate energy,
and the connections primarily function as mor@sisting connections until the gap between
components starts to open. It was subjected to relatively-amalitude ground motion (GM1

scaled to PGA = 0.1 g) during testing.

Table 47: Testing program and test result summarisation.

Series Test No. Brace GM PGA[g] DRwax [%] DRResidual [%0]
Test 11 GM1 0.36 0.36 0.02
s1 B4
Test 12 GM2 0.43 0.21 0
Test 21 0.1 0.15 0.01
52 Test22 o, (Pair 1) GML 0.18 0.27 0
Test 23 0.26 0.36 0.01
Test 24* 0.57 0.76 0.03
Test 31 0.1 0.1 0.02
s3 Test32 o, (Pair 2) GML 0.21 0.22 0.02
Test 33 0.45 0.59 0.02
Test 34 0.41 0.93 0.04
Test 41 0.1 0.1 0
sS4 Test42 B2 (Pairl) GM1 0.25 0.24 0.04
Test 43 0.48 1.19 0
Test 51 0.09 0.09 0
S5 Test52 o, (Pair 2) GM2 0.22 0.17 0.02
Test 53 0.43 0.4 0.01
Test 54 0.84 2.51 0.03
Test 61 0.09 0.07 0.01
S6 Test62 B3 (Pairl) GM1 0.25 0.24 0.01
Test 63 0.5 1.1 0
Test 71 0.09 0.09 0
57 Test?72 oo (Pair 2) GM2 0.24 0.17 0.01
Test 73 0.62 0.61 0
Test 74 0.68 1.23 0.06
S8 Test81 - GM1 0.1 0.21 0

* Test 24 was terminated at 14 s.

4.3 Shaking Table Test Results

4.3.1 General Observations

In test series S1, the braces behaved elastically as expected. However, in the subsequent 6 series,
the braces significantly buckled during testing. The rods in the roller connections were observed
to move within the design limits throughout the testinigl wo signs of damage as can be seen

in Figure4-21. Inspection of the strain gauges on the frame components revealed no local or
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global damge to the beams, columns, or PT strands. In conclusion of all tests, the structure
successfully returned to its original position, demonstrating the excellentesgting
behaviour of the SCCBF. Therefore, as a result of two successive test series, the braces were
quickly removed and replaced, demonstrating theCBE system's ability to streamline
repairs, resulting in significant savings both in terms of cost and downtime following

earthquakes.

During testing, a few issues were identified that could potentially affect the accuracy of some
test results. In tests with intense ground motions, particularly during the final tests of each
series, significant noises were observed during the vibrations. These noises were primarily due
to interactions between steel components, such as friction, which introchikes ar high-
frequency noise into the recorded acceleration data. The sounds, resulting from contact and
rocking, could be damaging to netrucural components. This may pose a risk to non-
structural elements, especially under high accelerations, where the forces and movements are
more severe. TheVDTs used to measure brace elongations failed in several tests when the
braces underwent significant deformation, causing the recorded elongation data unreliable. Test
2-4 was teminated at 14 seconds for safety reasons. Tedistd3-33 revealed relative
movements between the roof and the-GBF, which were later resolved by repairing the
corresponding connections where holes had been oversized during manufacturing. Concerning
the rocking connection, it's worth noting that no local failures were observed at the interface
between the beams and columns. This can be attributed to the presence of cavanglate
stiffeners that provide additional structural support and prevent such failures. However, damage
to one rocking connection was noted in teSt &hile this damage did not affect tests, 77

2, and 81, it did alter the load transfer mechanism st2e663, 7-3, and 74, as discussed in
Section 3.4.

Figure 421: The middle roller connection of the main frame in theCEF system.
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4.3.2 Design Concept Validation

The SCCBF is designed to prevent moment development in bmdomn joints after gap
opening, directing earthquake energy dissipation solely through the braced members. In this
manner, the lateral load from the roof is counteracted by the two bracesriffothe
effectiveness of this design concept, a comparison between the lateral forces from the roof mass
and the braces is conducted. If the design is sound, these two forces should closely match. The
inertia force is calculated based on the roof acceleter's recorded acceleration (Acc4 in
Figure4-14). The brace forces are determined from the average strain recorded by the strain
gauges SG1 to SG4 (in Figutel4) and the average Young's Modulus obtained from coupon
testing. This comparison is only applicable when the braces behave elastically; thus, only the

lateral forces of the elastic tests are compared.

The lateral forces generated by the inertial force and the braces in a structural system are
calculated based on accelerometer data and strain data, respectively. The axial force in each
brace (), is determined using the Young's Modulus of the sté¥l &dverage strain ),
obtained from strain gauges on the middle span of the brace, and theextissal area of the

brace (#s). The lateral force (5 » d generated by the braces is calculated using their axial
forces (o & =J @ ), brace angle §, and the formulal g o7t (68K @AF (54 K@
Simultaneously, the inertial force due to roof magso(= e« dS determined by multiplying the

roof mass () by the recorded roof acceleratios) from an accelerometer. It's worth noting

that perfect matching between the lateral forces and inertial forces may not
be possiblein practice due to damping effects in the system, which could afiectural

response under dynamic conditions, sucthase that occuluring seismi@vents. 170]

Figure4-22 presents the timhistory comparisons of lateral forces for the analysed tests. In test
1-1, the spikes observed in the inertia force plot result from fricktated sounds, arising due

to movements between the component parts of the frame. Thesefmcticed sounds have

the potential to impact the accelerometers, causing the comparison unreliable, as discussed in
section 43.1. Test 31 exhibited relative movements between the roof aneCBE frame,
influencing the load transfer mechanism, amading to a significantly larger inertia force
compared to the lateral brace force. For the remaining 6 tests, the two lateral forces show good
agreement, affirming the validity of the design and the expected transfer of most of the roof's
lateral load to the braces. It is important to note that the energy dissipated by damping is not

considered in these comparisons, which is why the two lateral forces are not expected to be
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perfectly matchedAdditionally, it is worth mentioning that the roof's inertial force is transferred
to the SCGCBF through the central pin joint, while the side joints were designed to act as rollers.

Nevertheless, their close agreement suggests that the braces are indeed the sele energy
dissipating components of the structure. Consequently, the beams and columns are protected
from inelastic deformation, and the validity of the acceleration data for calculating structural
periods is confirmed. Additionally, the feasibility of the strain gauges on newly indbadiees

IS demonstrated.

Figure 422: Inertia force versus lateral brace force plots
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4.3.3 Post-Tensioning System Behaviour

During the testing, clear evidence of rocking behaviour at the connections was visually
observed Figure 4-23 depicts the scratches caused by bolts sliding within the slotted steel
plates, providing tangible proof of the rocking mechanism. In order to assess the performance
of the rocking connection, gap openings were measured using LVDTs (LVDT5~LVDTS8)
installedat both the upper and lower beam profiles. Gap openings were observed at both the
upper and lower sides of the connection, with the maximum gap opening recorded at 4 mm
during test 54. Based on the data from LVDT7 and LVDTS8, the upper rocking connection
rotation was calculated and is presentedFigure 4-24. This rotation was successfully
established, indicating the proper functionality of the rocking connection. The maximum
measured rocking connection rotation was approximately 4°, observed duringitdst &l

the plots, residual rotations were lessntifa05°, indicating that the gaps closed at the
conclusion of each test. This closure was facilitated by the compressive forces provided by the
PT strands, demonstrating the effective -selitring behaviour achieved through the

combination of rocking connections and ptesisioned strands.

Figure 423: Traces caused by rocking movements due to the scratches between the PT and
the bolts

The peak force propagated on the PT strands due to the gap opening is approximately 130 kN,
which is below the yield force of the PT strands. However, it was observed that afted test 5-
the tensile forces of the four strands decreased by approximately 5 kN. As a result, it is
advisable to periodically inspect the PT strand forces in aG@BEstructure, and feensioning
of the strands may be necessary when such reductions are detected. This maintenance measure
ensures the continued effectiveness of thecaaltring behaviour. It is worth discussing that
the peak force propagating through the giessioned (PT) strands occurs at its maximum

-129-



Chapter 4. Shaking Table Tests

during intense seismic excitation and the maximum peak ground acceleration (PGA) loading
test. The subsequent decrease in tensile forces can be attributed to the initial forces in the strands
and the accumulated losses that develop over time as they propagate through the strands.
Factors such as friction, material relaxation, and cyclic loading contribute to these losses,
causing a reduction in tension after the peak. These dynamics are particularly important in
rocking systems, where repeated movement can degrade the strands' effectiveness, affecting the

overall structural performance during seismic events.

Figure 424: Rocking connection rotation tinfestory plots

During test 63, it was noted that the upper south rocking connection exhibited slight vertical
movements. This suggested damage to the connection could have been potentially due to the
shear failure of the bolts. Unfortunately, due to the location of the PT strands, it was not possible
to repair the damaged rocking connection within the available test window. This damage did

not noticeably affect the SCBF behaviour in tests - 72, and 8-, which experienced
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relatively small ground motions. However, it did alter the load transfer mechanism in3gsts 6
7-3, and 74, where the primary lateral force was transmitted to the north brace. Consequently,
the south brace lost functionality, and most of the energypdissn in these three tests was
handled by the north brack.is important to note that, due to the complexity of the rocking
connection, the detailed damage mode could not be fully determined. This situation highlights

the need for improvements in coltien strength in future designs.

4.3.4 Brace Behaviour

Considering that the effective transfer of lateral loads to the two braces was verified in the
previous section, it is evident that earthquaiduiced energy was efficiently dissipated through

the plastic deformation of the braced members. Figt®visually depicts the buckled braces

at the end of series S2 to Slable 4-8 provides an overview of the oeaf-plane (OOP)
displacements for both braces in each testing series, as recorded by the 3D laser scanner. In test
series S1, the structure behaved elastically within the shake table's capacity limits, resulting in
negligible OOP displacement. During the last test of series S2 to S5, significant buckling
occurred in both the north and south braces due to seismic loading. The highest OOP

displacement value was observed in ted4f Eeaching 86.1 mm.

In test series S6 and S7, only the north brace experienced plastic deformation. This was
primarily due to the influence of the damaged rocking connection linked to the south brace, as
discussed previously. In addition to that, the minimal OOP displaceshém south brace in

this series further supports that the north braces were responsible for the majority of energy
dissipation. It's important to note that the selhtring behaviour of the structure led to the brace
ends returning to their original positions, potentially reducing the observed OOP displacement
values. Regarding the frame with no braces installed (t&ktathough it experienced larger

drift and longer vibration duration compared to other tests with the same ground motion, it did

not result in collapse.
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Figure 425: Brace buckling shapes observed after a series of shake table testing was
completed.

Table 48: Residual brace OOP displacements after a series of shake table.testing
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Series Brace South Brace (mm) North Brace (mm)
S1 B4 1.2 15
S2 B1 (Pair 1) 19.3 35.6
S3 B1 (Pair 2) 22.3 32.8
S4 B2 (Pair 1) 27.5 41.9
S5 B2 (Pair 2) 86.1 69.9
S6 B3 (Pair 1) 1.6 18.5
S7 B3 (Pair 2) 1.9 31.2

4.3.5 Inter-Storey Drift Ratio

The interstorey drift ratio of the structure was determined using the data from the two linear
potentiometers installed at the upper and lower beam levels (LP1/2). EigGrdisplays the

drift ratio timehistory plots from tests in which the braces exhibited significant deformation.
In test 54, the SGCBF experienced the most significant impact from ground motion, resulting

in a peak drift ratio of 2.51% and the braces experiencing considerable buckling, as illustrated

in Figure 426.

-132-



Chapter 4. Shaking Table Tests

However, in all cases, the residual drift ratios are negligible, measuring below 0.06%. This
indicates the excellent sadentring behaviour of the structufi@ble4-7 provides a summary

of the peak drift ratio (Rmay and residual drift ratio (Residua) for all the tests. The highest
recorded residual drift ratio, approximately 0.06%, is significantly lower than the residual drift
limit of 0.2% as specified by Calvi and Sullivah7fl]. Furthermore, this deformation falls
within the acceptable tolerances for-taslt" imperfections in design, as outlined in EN 1090-

2 [14]. This validates that the designed-E8F exhibits outstanding setentring behaviour.
Consequently, not only can the costs associated with straightening the building be reduced, but
also the need for demolition due to excessive residual deformation can be avoided. As a result,
it is possible to reduce the expenses related to repairing the building and, at the same time,

prevent the necessity for demolition due to excessive residual deformation.

Figure 426: Drift ratio time-history plots for_the largest ground motion applied in each test
series.
During the tests, the rotation of the connections was successfully established, indicating that
the rocking connection behaviour functioned propdihe residual drift ratios are all less than
0.05° on all tests, indicating that the gaps have closed and the structure return to its original
position (plumb condition). A series of PT strands provides compressive forces that contribute
to the seHcentrig behaviour. Therefore, the combination of rocking connections and PT

strands results in a good se#nting behaviour.
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It is noteworthy that all of the residual intstorey drift ratios remained below 0.01 pergent
demonstrating the excellent sekntring behaviour of the SCBF systemThe maximum
inter-storey drift ratios (Rmay and residual drift ratios @#xsidua) for all tests are discussed later

in thischapter. Thenterstorey drift ratio plots from thredistinct tests are shown Figure

4-27 The combination of rocking connections and PT strands successfully reduced the residual
displacement of the SCBF structure, eveim the case of Test4, where the peak drift ratio

reached 2.5 perceand the bracesuffered significant damage.

Figure 427: Rocking connection gagpening and intestorey drift ratio time histories of test
2-4 and test 33.

4.3.6 Fundamental Period and Damping Ratio

Considering the experimental setup of the shaking table tests, thestorghg structure could

be treated as a single degree of freedom (SDOF) system due to the rigidity of the roof and the
regularity of the structure. The estimated natural periodsedhtieedimensional shaking table

tests of the seltentring system were based on the white noise tests. These testscareted
in-between the tests to estimate the fundamental periods of the structures in different stages of
testing. The half bandwidtmethod of the fasEourier transform (FFT) analysis ised to
estimate the fundamental periods of the structure. The natural periods and damping ratios were
estimated based on the white oscillator. Therefore, the half power (bandwidth) method is the
difference between two corresponding frequencies to the Ismpense amplitude. The related
damping ratio of the system can be estimated by the difference of the bandwidth frequencies

divided by the double of natural period of the system.
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Table4-9 presents the fundamental periods of the structure before and after each test series. For
test series S1 and S8, where the structure remained elastic during testing, only the fundamental
periods before testing are provided. Upon comparing the period Vedfers and after testing,

some key observations can be made. The periods are seen to decrease as the strength of the
braces increases, with the bare structure (S8) having the highest period. In test series 2 to 7, the
periods increase after testing, reflecting strength degradation and the development of plastic

deformation in the braces. This indicates the structural response to the brace damage.

Table 49: Structure fundamental periods and damping ratios with different braces installed.

PreTest PostTest Change
; . Dampin . Dampin n
serles Brace Period Togye” Perod “gag Damping
[%0] [%] Ratio
S1 B4 0.17 4.05 - - -
S2 Bl (Pairl) 0.23 4.34 0.25 4.49 3%
S3 Bl (Pair2) 0.21 3.51 0.22 3.22 -8%
S4 B2 (Pairl) 0.2 3.19 0.23 3.82 20%
S5 B2 (Pair2) 0.2 2.66 0.24 3.53 33%
S6 B3 (Pair1) 0.19 2.52 0.21 5.73 127%
S7 B3 (Pair2) 0.19 2.52 0.21 55 118%
S8 - 0.25 6.18 - - -

The structure damping ratios before and after each test series are calculated. The structure with
different braces exhibited different dynamic properties, the damping ratios raoge.5%

to 6.2%. The damping ratio change before and after brace due to the inelastic deformation and
buckling behaviour of the braces. Thus, the damage of brace has a direct influence on damping
of the structure. Figuré-28 shows the graphical sample of estimating the natural periods and

damping ratios of various shaking table tests.

Figure 428: Natural periods and damping ratios for different shaking table test results
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To assess the impact of brace buckling on the damping ratios, the changes in damping ratios
before and after brace damage were calculated and are also proviadieih9. Notably, as

the brace strength increases, the damage to the brace has a more significant influence on the
structure's damping. When braces of different strengths are considered, the damage to brace B1
results in less than a 10% change in the damping ratio, while the damage to brace B3 increases
the structure's damping ratio by more than 100%. This is primarily due to brace B3 contributing
more stiffness to the SCBF, indicating that brace strength is a crucial factor affectieg t

structure's damping.
4.3.7 Empirical codified Fundamental period

Building structures have to be represented by raéijree of freedom modes. Structures are
continuous systems and haveiimite number of degrees of freedom. The building structures

can be treated as shear buildings; a structure in which there is no rotation of a horizontal section
at the level of the floors. The deflected shape of the building structure has the feaure of
vertical cantilever beam that is deflected by lateral forces only. It can be assumed that the total
mass of the structure is comtated at the floor levels, the slabs and the beams are axially rigid
compared to the supporting elements of columns and the deformation of the structure is
independent of the axial forces present in the columns. These assumptions convert the actual
strudure with infinite degrees of freedom to specified multi degrees of freedom. Further, the
building structure can be represented by a single column having concentrated masses at the
floor levels and only the horizontal displacements of these masses aibleposhe
concentrated mass at the floor level can be computed based on the weight of the floor system
and the stiffness of the vertical element can be computed based on thsectmssl
dimensions. The computation of the natural frequencies and the mode shapes of this model is a

problem of free vibration; no applied forces.

There are different formulas used for each structural system to determine the fundamental
period. The tables below illustrate some of these different formulas that are used to calculate
fundamental periods for different structural systems based on different building codes and as
proposed by different authors mostly for steel concentrically braced frame. This kind of
comparison will give a wide range of values of the period’s parameters that can help to capture
the predicted empirical formula for the new novel of-selfitring concentrically braced frame
[1724179]
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The estimation of structural period is significantly important in seismic design of structures.
When the approximate empirical formulas give an underestimate of natural periods of structure,

it can lead to a lower base shear force thamtheal.

It is essential to do a chronological studyabhfdifferent formulas used to predict the period for

the various conventional frames such as steel moment resistant frames and concentrically
braced frames. It is worth presenting all code’s formulas during their development in order to
catch all rangesfgeriods stages regardless the specific building codes or any other presented

research.

Furthermore, it is worth mentioning that these analyses are stimulated for the elastic periods of
the structure. This means that good information and comparison will be provided for the steel

conventional systems especially at the first stage of the response due to the lateral excitation.
More investigations are needed to have more information and results about the periods of the

structure.

Typically, SDOF formula for elastic periods should depend on mass and stiffness and is more
sensitive to the dynamic properties of the structure while the empirical code formulas depend
on the height of the structure and the number of storeys. The emfaricalas take different
formats and coefficients. For instance, the equations and parameters below represent the
formulas from Eurocode he period, T is given by

7
6= 9 D) -

Where: D= height of structure in meters from the foundation or from the top of rigid basement;
%= factor given by: 0.085 for moment resisting space steel frames; 0.075 for reinforced
concrete moment resisting frames and eccentrically braced frames; 0.05 for all other buildings.
The singlestorey structure could be considered as a single degree of freedom (SDOF) system

mathematically. Therefore, the fundamental period of such SDOF is given as:

4.2

: 9
6= = = =2¢"— @?KP@ PH

The natural frequency, f is given by:
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1 i 4.3
B= —= —

6 2e
Where: & angular frequency of the system, m: mass of systemgs; Where W = weight of

the system, and g = acceleration of gravity. k: the stiffness of the system

Rayleigh’s method is a wellnown method for computing the fundamental periods of the
structure. The Rayleigh equation is based on assuming linear elastic analysis with linear
distribution of lateral forces over the building. The lateral displacemengdtair level is
determined for the linearly distributed load. For the elastic natural periods, the Rayleigh method
provides a satisfactory approximation for the fundamental periods of the structure and it is very
accurate especially for regular buildings where the assumed linear distribution of the forces
gives lateral deformation that coincides with the deflected shape of the vibration mode under

investigation using the method.

The mathematical model of the physical structure shall include all elements of the lateral force
resisting system to consider all the stiffness of the structure and also it must consider all the
loads (mass). However, based on most international codegltreeof T from the Rayleigh
Method shall not exceed the value of T obtained from the empirical code’s formulas by 30
percent when used in Seismic Zone 4, and 40 percent in Seismic Zones 1, 2 and 3 as stated in
UBC -97. The fundamental period, T, may memputed by using the following formula80-

182].

} ] 4.4
a a
6=2eom Syifgr nCi BlQ

The values ofByrepresent any lateral force distributed approximately in accordance with the
principles of formulas stated in the code for lateral seismic forces distribution to floor lgyels.
represents the horizontal displacement at level i, g is the gravity accelei&giepresents the
storey weight of the structure at level i. It is worth noting that the distribution of horizontal
forces that are applied to the storey level follows triangular distribution that ensure the realistic
response of the structure. The elaséftettions, U shall be calculated using the applied lateral
forces, By at each storey level. Figu429 shows the loads distribution actions of the
gravitational and equivalent lateral loads acting on drame.
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Figure 429: The loads distribution of vertical and horizontal forces on thdraihe
structure [183]
Table 4-10 illustrates different formulas used to calculate fundamental periods for different
structural systems based different building codes and as proposed by different authors. It is
obvious that this multitude of formulas will lead to significant variations in the prediction of
the fundamental period of any given structut&.2-176, 178, 179, 18494

Table4-11 summarises all the different empirical building code formulas for the steel MRF and
the steel CBF systems. Mothan thirty building codes propose various formulas, various codes
share the same formula and parameters as UBC8898uilding code of Pakistan, EC 8
(2004), SEAOC (1999), ASCE97, BOCAS87, 96, and NEHRP 94, 97 codes with x=0.75 and
Ci=0.0853, 0.0488 for MRF and CBF, respectively.

It is evident after this survey of literature that there is a lack of reliable information on how to
estimate the natural period of se#ntring systems. This kind of system is relatively new and
still being developed and optised, and thus no standard procedure exists for computing its
dynamic characteristics. Any attempt to predict these characteristics, such as the period, will be
merely an interpolation between two kinds of systems, i.e., the mapwesiing and the
centricallybraced frames. This isecause the setfentring system in fact oscillates between
these two systems during excitation. More research must be done to identify its dynamic

properties.
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Table 410: Approximate fundamental period formulas for different building codes

Codes RC MRF Steel MRF EBF RC/Masonry Other,
(Metric) (Metric) (Metric) Shear Wall (Metric) EX,
(CBF)
UBG?70, 82 T =0.10N T =005h / 3B
BOCA75 (T =0.09h / 3B)
T =0.05h / 3B
ATC 306 T=chi (T =0.09h / 9)
(1978) C,=0.025 C,=0.035
(0.0646) (0.0853)
BOCA, 87,96 T=Ch/® T =0.05h 3B
} (T =0.09h / 3B)
CI’: Cr: -
0.030(0.073 | 0.035(0.0853) =
1) 0.020
UBC88,9497 T=cCh/®
BUf"gi”E_ (‘iode C~0.030 C,=0.035 C,=0.030 C,=0.200r, ;= 0.1/ ¥# C.=
OT PakKistan -
£C 5 (2004) (0.0731) (0.0853) (0.0731) (0.0488), (0.0743/ ¥ ( (c)).gfgs
SEAOC (1999) N
ASCE 707 T=Ch/®
BOCA96 C,=0.030 C,=0.035 C,=0.030 C,=0.020 C,=
NEHRP 94, 9 (0.0731) (0.0853) (0.0731) (0.0488) 0.020
(0.0488)
or, T =0.01N
T =Cshf
NEHRP 00, 03| C3=0.016 C5=0.028 C5=0.030 C5=0.020 Cs=
ASCE 7 (0.0466) (0.0724) (0.0731) (0.0488) 0.020
02,05,10 X=0.9 X=0.8 X=0.75 X=0.75 (0.0488)
IBC 2012, 2015 X=0.75
or,T =0.10N or,T=0.001% / ¥%
SaudiBuilding T= Czh§
Code C;=0.044 C;=0.068 C;=0.07 T = 0.0062h,/ 3&w Cy=
(2007) X=0.9 X=0.8 X=0.75 0.055
X=0.75
or, T =0.10N
Australia Code Ts=1.2%, O4:°
(2007) k.= (0.075) | ‘k,= (0.11) k,= (0.06) k.= (0.05)
NZS 1170.5
(2004)
Tremblay =
(2005) 0.0076
h,
Indian seismic | T T=0075h*<° T=009D & 6
code (1S1893) | = 0.075h4:9
Canadian T = 0.01IN T=005D/ &6
1970(NBCC)
Canadian T=0.09 D/ D2°
1985(NBCC) | T=041N [ -
Canadian 2005 LI h,”§
(NBCC)
Canadian 2010
(NBCC) (0.05)
Goel and T=Cshf
Chopra (1997) | C4=0.016 C;=0.028 C5=0.030 Cs=0.02
X=0.9 X=0.8 X=0.75 X=0.75
T =0.10N
K. Younig and H a4 p . 279
H. Adeli (2014) T = 0.036Hx0.085 x IT p X I? p
Oman Code (T=Ch/§H
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Codes RC MRF Steel MRF EBF RC/Masonry Other,
(Metric) (Metric) (Metric) Shear Wall (Metric) EX,
(CBF)
(C,=0.075) (C,=0.085) (C,= %1 (C,=0.05)
Where Ac=AfAj (0.2 + 1/
Hpg) ©
BSLJ (1987) (6= [0.02+ 0013)
T=Cghf
C3=0.02 C;=0.03 - - --
x=1 x=1
. T=Csh/ ®
ltalian NTC ™(c_='0.075) [ (Cs=0.085) (Cs=
Building (2008) |  for concrete | for steel frame 0.05)
frame structures
structures
Turkish code T =0.01N
TSC (2007) -
Korean code T=ch/®
KBC (2009) "c/=(0073) | C,=(0.085) =
(0.049)
Goel and Te Ty= 0.035*4< Ty= 00023*/A7%®
Chopra (2000) | = 0.018 * 4=
Algerian Code (T=C,h/ 5 T=0.09 Dy &*°
(RPA99 (C,=0.075) | (C,=0.085) (C,=0.05)
Rev.2003) | without infill | Withoutinfill
masonry masonry
Notes:

For BOCA87, UBG82-97 Rayleigh method is also suggested apérmd formula for all structures, as the equation is not a function of geometry and needs a
structural model a priori, the equatiomist included in theable.

For ASCE 797 BOCA 96, NEHRP 94, 97 the structure not exceeding 12 stories in height and have a minieyuhegfiot not less than 10 ft

For BOCA96 allow the use of %= 0.03) for EBF systems and dual systems using EBF.

Canadian 2005 (NBCC) #80.10N, for braced framep6 0.025 Dy ,in addition in dynamic analysis<61.5 Gsfor MRF and & 2 6or brace frame and
shear wall.

D or Ds: The dimension of the shear wall or braced frame in a direction parallel to the applied force.

Ac: The combined effective area of the shear walls in the firsystdithe structure.

Cw: The effective shear wall area coefficient

65 The natural period of the structure.

*5e¢And &g sare the average values of the height and the dimension of the braced frame in the direction parallel to the appliethforegutar structure.
#g Equivalent shear area

SEAOC: Structural Engineers Association of California.

BSLJ: The Building Standard Law of Japan: whesetiie ratio of total height of stories of steel construction to the height of the building.

NZS: National New Zealand standard

For Algerian Code 4= 0.05) for partially or totally RC shear wall, Braced Frames and Masonry walls.

-141-



Chapter 4. Shaking Table Tests

Table 411: Approximate fundamental period formulas for different building codes.

Codes Steel MRF Other, EXx,
(Metric) (CBF)
UBC-70, 82 T =0.10N T =0.05h / 3B
BOCA-75 (T _=0.09n / 3B)
T=Ch/® T =0.05h / 3B
ATC 306 (1978) C,= 0.035 (0.0853) (T =0.09h / W)
UBC88,9497 T=ch/®
Building code of Pakistan C,=0.035 C,=0.020
EC 8 (2004) (0.0853) (0.0488)
SEAOC (1999)
ASCE 797
BOCA-87, 96
NEHRP 94, 97
NEHRP 00, 03 T=Csh?
ASCE 702,05,10
IBC 2012, 2015 Ca=0.028 Ca= 0020
, (0.0724) (0.0488)
X=0.8 X=0.75
or, T =0.01N
Saudi Building Code T=Cshf
(2007) C3=10.068 Cs=0.055
X=0.8 X=0.75
or, T =0.10N
Australia Code T5=1.2% ¥:°
(2007) k,= (0.11) G= (0.05)
NZS 1170.5 (2004)
Tremblay (2005) T =0.0076 h,
Indian seismic code (1S1893) T=0.075h*<° T=009h/D%6
Canadian 1970 (NBCC) 6= 0.010 T=005h,/D%6
Canadian 1985(NBCC) T=0.09D/D4°
T=0.IN
Canadian (NBCC) 2005, 2010 7 h 7 8)
(0.085) |
Goel and Chopra (1997) T=Cshf
C3;=0.028 C5=0.02
X=0.8 X=0.75
T =0.10N
K. Younig and H. Adeli (2014) H, %% D, 47°
T = 0.036Hx0.085 x IT p X IF p
Oman Code (T=ch/H
Italian NTC Building (2003 (C,=0.085) (C,=0.05)
Algerian Code (RPA99) Rev.2003
BSLJ (1987) (T = h(0.02 + 0.01a))
T= Céh |é
C5=0.03
x=1
Korean code T=ch/®
KBC (2009) C,=(0.085) | C,= (0.049)
Goel and Chopra (2000) Ty= 0035 *4<
Turkish code Q—@
TEC (2007), by y
TBEC (2015)3) Ts=2€0] (\UA. @ )
Ve uu U
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In the shaking table test, the lumped mass is 2.5 m above ground as shown itfihure
Figure4-30depicts the comparison of the natural periods building codes for the MRF and CBF
systems for different heights of structures. The calculated periods of theestlhg
concentrically braced frame using the simplified SDOF model and the conventionaicseis

resisting systems based on different building codes formulas are illustrated in Fgfure 4-

Figure 4-30: The comparison betweéme building code formulas and tegperimental tests
of pushover and shakirigble tests

Definition for legend:

*Group of Code 1 MRF: ATC 86(1978), BOCA, 87UBE88, 94, 97, Building code of Pakistan, Eurocode 8 (2004), SEAOC, ASITEBOCA96, NEHRP
94, 97.

**Group of Code 2 CBF: UB&0, 82, BOCA75, ATC 306 (1978), BOCA, 87.

***Group of Code 3 CBF: UBE88, 94, 97, Building code of Pakistan, Eurocode 8 (2004) SEAOC, ASITB@CA96NEHRP 94, 97 NEHRP 00, 03ASCE
7-02,05.

**Group of Code 4 MRF: NEHRP 00, 03, ASCE(2,(5.

In theshaking table testable4-12shows the calculated natural periods based on the simplified
equivalent SDOF method using the stiffness from the hysteresis response of the shaking table
tests. The seliveight of the structure and the additionalt@f-mass are used to calculate the
periods of the 3Bframe in the shaking table tests. In addition to that, the secant stiffness at the
last cycle (at thend of the test) is used for estimating the theoretical periods as an equivalent
SDOF. The results using the building codes formulas have a noticeable variability for the CBF
and MRF systems, and they compare to the equivalent SDOF mé&#ibel4-12 shows the
stiffness,andthe theoretical and experimental natural periods of thd&r&mDe (shaking table

tests). Eurocode 8 gives the lower approach values to the equivalent SDOF method and the
experimental result3.he Japanese code shows the best proximity with the steel MRF structural
models while the group code 2 as defined in FiguB® in steel CBF frame gives the best

estimation for the natural periods based on the Sap structural models. In addition to that, K.
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Young and H. Adeli177 suggests a good formula that evaluate the fundamental periods of the
CBF taking into account the regularity of the structure.

The comparison against predictions using formulas specified in international codes clearly
shows the huge variability in the predictions. This is not unexpected because building codes
provide their formulas for the purpose of design and are generallpettaom a lowebound

fitting of empirical data of real buildings. However, still the comparison shows acceptable
agreement in the analysis conducted here for computing the period against the predictions using

the formulas.

As mentioned before, using the elastic hysteresis loops of the shaking table tests to calculate
the stiffness of the structure and the natural periods based on the simplified formula for natural
period of single degree of freedom. These values are used to compare the results with the
experimental white noise measurements. For instance, Mgteshows the sample of the
hysteresis behaviour of tested data. The stiffness and the natural periods of the structure range
from 24 to 30 KN/mm and 0.17 to 0.22 seconds, respectively for all different tested braces.
Figure 4-30 gives information about the average values of stiffness and natural periods of

various bracings that have been used in the structure to present the dissipative energy. member

a) b)

Figure 431: Cyclic behaviour of the shaking table results for different braces under different
seismic loads (a) section B25 (b) section B30.

As shown in Figurd-7, the 2.5 m high steel structure consists of afCBE in the middle and

two gravity frames located symmetrically at two sides, with a spacing of 1.47 m. Steel ingots,

weighing circa 20 tons in total, are mounted on the roof to simulate the gravity loads. It is worth

noting that this mass will contribute significantly in the response of the structure. Accordingly,

based on thabove general formula of SDOF, the natural periods of the structures are calculated

based on the mass and stiffness from ldiagtacement curves recorded during the tdstsle
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4-12 shows these calculated values and compared results of the FFT white noise analysis as
discussed above.

Table 412: The stiffness and natural periods of the shaking table tests.

ID K average (KN/mm) Periods average SDOF Experimental periods using whit:
(s) noise, (s)

B20 24.76 0.180 0.22

B25 27.50 0.173 0.20

B30 29.75 0.168 0.19

B40 30.50 0.164 0.17

A comparison of the building code formulas and the experimental results of the natural periods
showsthatthey areconsistent within an acceptable limit. As seen in Figudé 4esults of the
period obtained using white noital within the building code formulas of MRF, while the

results obtained using a SDOF approximation2i&#4 | / - ), fall closer to the codes formulas
for CBF.

The shaking table tests show that the natural period values are within the acceptable range of
the MRFs formulas for the building code, but with an increase of about 20%. Therefore, all
experimental valuearewithin tolerance limits. Fundamental vibratiperiods of a building

can be estimated using empirical formulas specified in seismic codes. There are various papers
that presentseveral empirical formulas for more specific CBF systentge building code
formulas and the experimental results of the natural periods are consistent within acceptable
limits. In summary, théuilding code formulaare comparedith experimental tests ole

shaking table tests as can be clearly seen in F&y88e However, it is important to note that
building codes often misinterpret rocking systems. Unlike traditional structures, rocking
systems cannot be characted by a constant natural period. Once rocking is initiated, the
system's dynamics change significantly compared to its behaviour undkvigvexcitation.

At low levels of excitation, the structure may display conventional responses, but as seismic
forces increase and rocking is triggered, the system exhibits a fundamentally different set of

dynamic behaviours.

Due to this distinction, the building code formulas, which are primarily based on censtant
period assumptions, fail to accurately capture the complexity of rocking behaviour. This
discrepancy highlights a critical gap in code provisions for predictingeponse of rocking
systems, particularly during intense seismic excitation. As a result, there is a pressing need for
further investigation and research into the natural periods of structures during rocking, as well

as the impact effects on these struesunder significant seismic forces.
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4.4  Comparison between Pushover and Shakingable Tests

4.4.1 General Trend Observation in Both Tests

It should be highlighted that this comparison shows a good agreement of the behaved braces in
both tests. Hence, the hysteresis loops of shaking table tests are enclosed within the cyclic
pushover, but only the lateral forces of the elastic tests are compared. 4&gfushows the

lateral force drift ratios comparisons of the analysed tests. In light of these compared
observations of the overall performance of the(EF tests frame under lateral loading (quasi

static cyclic and strong ground motion loads) reveal andat&ithe structural behaviour of the
frame. Considering the good agreement, one would conclude that the only @issiggting
component of the structure is the braces, while the beams and columns are protected against
inelastic deformation. It should be noted that with haghplitude ground motion (PGKO0.89)

during the shaking table tests, the hysteresis shagiainednelastic behaviour and the braces
significantly deformedSome spikes arebserved in the foredrift plots during tests due to

some internal and external effects.

The remarkable benefit of the engagement of thecselfring system into the CBF is
substantially reduced residual deformations, which is achieved by the gap opening connection
and pretensioned strands. Accordingly, the gap opening in both tests was $bawerate
properly and the maximum gap opening was at 4 mm in the shaking table tests, while it was at
nearly 7 mm in the pushover tests. The maximum PT strands force was 130 KN in the shaking
table tests and 173.7 KN for the pushover tests, whicHasvlibe limits of the yielding stress

of the strands.
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Figure 4-32: Comparison of the cyclic behaviour of the pushover and shaking table tests for
different sections (a) 20x20 brace (b) 25x25 brace (c) 30x30 brace (d) 40x40 brace.

The maximum ranges of the drift ratios were 1.35 % to 3.4 % in pushover tests, while the
shaking table tests had a maximum peak drift rati@a.61 % whersubjected to the strong
ground motions. Moreover, the initial stiffness of the structure in both tests was consistent
when differences in member geometries weomsidered. The shaking table tests were
subjected to a maximum 0.8g peak ground acceleration and the corresponding amplification

factor was around 10 times.

4.4.2 The Initial Stiffness of the Frames in Both Tests

In the shaking table tests, the hysteresis cycle peak values within the elastic range were used to
evaluate the initial stiffness of the structure that is subjected to seismic loads. Then, the elastic
response using the initial stiffness is plotted over the pushover hysteresis curves in order to
evaluate the performance of the structure. Figd88 shows a rough agreement between the

pushover and shaking table tests atfitst stage of seltentring behaviour. It is important to
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note here that both tests have different loading protocols and also differ slightly in the material
properties and sections as discussed before in this comparative study

a) b)

c) d)

Figure 4-33: The compared results of initial stiffness of the pushover and the shaking table
tests for different sections (a) 20x20 brace (b) 25x25 brace (c) 30x30 brace (d) 40x40 brace.
[56]

4.5 Summary and Conclusion

This chapter presented the fgltale experimental results that assessed the performance of a
novel selfcentring concentrically braced steel structure, referred to aSEBFC The SGCBF
employs a postensioning (PT) system to achieve sahtring behawaur while dissipating
seismic energy, similar to conventional concentrically braced frames (OB$eies of shake
table tests were carried out to validate the design concept of t&BECThe comprehensive

testing program considered different bracesizwo ground motions, and various scale factors.

The seismic performance of the ®IBF is discussed in terms of its seéintring behaviour,

peak deformation levels, and the components responsible for energy dissipation. By utilising
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different types of connections (rocking, roller, and pin connections), the inertia force from the
roof mass was effectively transferred to the braces, while the beams and columns were protected
from damage. Through plastic deformation, the braces disgijpaig absorbed the seismic
energy. The combination of rocking connections and-fgstioned strands in the PT system
demonstrated excellent sekéntring behaviour. At the conclusion of each test series, the braces
were easily replaced, demonstrating the-CGEF's capability to minimise downtime and
decrease repair expenses. Furthermore, th€BIEs selcentring characteristics have the

potential to prevent demolition costs resulting from excessive residual displacement.

The observed maximum residual deformation from shake table tests is 0.06%. Therefore, the
significant achievement of the zeresidual deformations was proven for the novel-self
centring system, where the structure was safely returned to its originamostiich allowed

for relatively straightforward replacement of the energy dissipative elementsgaogiquake

(i.e. brace elements). Through a rigorous testing regime, encompassing seven series of shake
table tests conducted sequentially with varying ground motion scale factors, significant insights
were gained. Based on the experimental observations and results detailed in this chapter, the

following main conclusions can be drawn:

x The proposed rocking connection effectively protected the beams and columns from

notable damage under earthquake loading.

x By utilising the postensioned strands and rocking connections, the€BE exhibited
excellent seHcentring behaviour under earthquake excitations and eliminated residual

drifts even for large peak intstorey drift demands.

x The damaged brace members were easily replaced between experiments, restoring the
full resistance of the SCBF after strong earthquake loading with large displacement

demands.

X The shaking table tests experienced a maximum peak ground acceleration of 0.8 g, with

an amplification factor approximately 10 times.

X Throughout the tests, the maximum peak drift ratio reached 2.51% under strong ground

motions.

X The observed maximum force in the ptatsioned strands during the test was 130 kN,

with a maximum gap opening of 4 mm.
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The damping ratios of the structure vary between 2.5% and 6.2%, depending on the

presence of different braces.
The experimental fundamental periods of the(@&F were around 0.2 sec.

Shake table tests revealed that theCEF system's natural period falls within the
acceptable range predicted by building code formulas (approximately 20% higher than

the code estimations)

The proposed formula by Young and Adeli7f] provided the closest match to the
experimental period compared to other existing code formulas.

Further research and clear explanations on this topic are needed, as accurate

fundamental period estimations are essential faCBE design.
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Chapter 5. Numerical Model Development and

Validation

5.1 Introduction

This research focuses on developing a finite element model to predict the seismic behaviour of
SCGCBFs. The computations were carried outhe OpenSees framework. It is crucial to
effectively utilise the developed numerical model for theCEF frame and validate its
accuracy against seismilynamic physical experimental data. These analyses serve the purpose
of evaluating the performance of tis&-CBF under lateral seismic loading conditions. By
subjecting the numerical model to dynamic simulations, the behaviour and response of the SC
CBF can be thoroughly assessed and compared against the experimental data, allowing for

validation and further insights into its seismic performance.

Figure5-1 shows the schematmalogy and modelling assumptions of the main lateral resisting
system of the selfentring CBF frame. The described structural system is modelled in 2D or
3D space and only the middle frame, which is theCEF,, is considered. Columns of the frame

are comnected to their base by three supports: one pin and two rollers, while the braces are
assumed to be pinned. To simulate a pinned connection in OpenSees, the "equalDOF" command
is used. This control command ensures the translational degrbeedom (DOB) at the start

of the brace are the same as those at the end of the rigid element used to model the gusset plate.
The intended connection behaviour is ensured by setting "equalDOF" exclusively for the
translation Degrees of Freedom (DOFs), where the leadeas allowed to rotate and transmit

force, but not to resist moment. This assumption of pinned connections simplifies the modelling
process while still capturing the essential behaviour of the structure.

In addition to the connection modelling, diaphragm constraints are applied at each floor (level
of the beams). The diaphragm constraints are implemented using the "equalDOF" command,
specifically targeting degres~freedom 1 and 2. This means that thengtation in the

horizontal direction (DOF 1) and the vertical direction (DOF 2) are constrained to be equal for
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all nodes within the diaphragm. The diaphragm constraints ensure the lateral load distribution
and transfer between the vertical elements (columns and braces) at each floor level, and they
also ensure that the diaphragm behaves as a single unit, thus approximating a SDOF. 1t is
important to note that the top nodes of the braces are not included in the diaphragm constraints.
This implies that the horizontal translations of the biewds at the top are not constrained by

the diaphragm, allowing them to deform independently.

In this model, the PT elements are represented by truss elements utilising an elastic material
model. Additionally, the rocking connection at the beam flanges is simulated using contact
springs, which are modelled as zéeagth elements with elastic #tension material. A more
detailed description of this specific modelling approach will be provittedhis chapteia
numerical model and script were developed in OpenSees for HEBEGystem, effectively
maintaining the rocking connection and accuratelgtaring the nonlinear behaviour of the
braces. Using the experimental data to validate and further explore the numerical model

involves confirming its accuracy.

Figure 5-1: The numerical model concept of the selfitring CBF system used in the shaking
table test.
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5.2 BeamColumn Element

In the context of bearnolumn elements in structural seismic analysis, there are two main
categories of element formulations: elements with distributed plasticity and elements with
concentrated plasticity. These formulations determine how plastic beheswoadelled within

the elements. Figurg-2 illustrates the nonlinear numerical model representing the plasticity
concept for bearsolumn elements. The model incorporates assumptions of both concentrated
and distributed plasticity, as proposed by Deierlein etl@b][ An overview of the modelling
methodology utilised to capture the nonlinear behaviour and plastic deformation of beam
column members in structural analysis is givenhis graphic representation Figure5-2

[195]

There are several considerations and assumptions for using both methods of numerical
representation in dynamic analysis. By carefully addressing these considerations and making
appropriate assumptions, dynamic analysis methods can be effectively appdipesent and
analyse structures numerically, providing valuable insights into lle@iaviour under dynamic

loading conditions.

Elements with concentrated plasticity allow the formation of plastic hinges at certain locations
within the elements. These hinges represent localised regions of plastic deformation. The
concentrate plasticity model is designed to address inelastic défmrsaccurring at specific
locations in the structural elements. This is accomplished by employingptagitie hinges or
inelastic springs with hysteretic properties. The model concentrates the plasticity within zero
length elements, which are defineg imomentrotation model parameters. The concentrate
plasticity model is a useful tool for representing the inelastic behaviour of structural parts
because it uses a condensed and numerically efficient approach. The main limitation of this
approach is that it requires prior knowledge of the plastic hinge's placement. As a result, it
cannot be applied in situations where there is a significant moment redistribution, which causes
the plastic regions' placement within the structure to change unexpectedlyordalljit this
method requires that the momeatation relations explicitly account for the interaction
between different forces on the cregstion's yielding, which can be challenging in complex

cases of combined loading.

On the other hand, elements with distributed plasticity permit the spread of plasticity along the

length of the element, allowing yielding to occur at any location along its span. The fibre
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formulation models distribute plasticity throughout member esestionsand along the
lengths of the elements. These models allow the computation of totalstatess due to
combined loading actions, and then uniaxial yielding criteria are used to determine the yielding,
and in some cases the failure, of each fibre withan élement. Such “update” of material
behaviour due to combined loading can be used to capture the nonlinear hysteretic behaviour
within the cross sections under load revef$8b, 196]

It is worth mentioning that when using distributed fibre formulations, the calculated strain
demands can be significantly influenced by various factors, including moment gradient,
element length, integration method, and strain hardening parameters. Bdausard to
compare strains against rotations, and because most building codes provide acceptance criteria
for rotations rather than strains at points, it is advisable to compare the strain demands from the
distributed plasticity models against acceptaariteria for concentrated hinge models, which

are commonly employed to determine rotation acceptance criteria in building codes. This
process helps maintain consistency and reliability in assessing the structural perf¢irdance

196].

Through a comparative analysis of concentrated hinge models and the outcomes of distributed
fibre formulations, a thorough evaluation may be conducted to verify the strain demands and
determine suitable acceptance criteria. This approach helps ensure reliable and accurate

predictions of structural behaviour under inelastic condij&a§).

Figure 52: The nonlinear numerical model of the plasticity concept for bealomn element
assumption.195]
There are two popular formulations of distributed plasticity models:oased (FB) and fibre
elements displacemebtised (DB). Displacement shape functions constitute the foundation of
the DB formulation. It models the distribution of plasticity usirsgaes of discrete fibres along
the element's crossection. Because each of these fibres has its own displacement field, the
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deformation behaviour of the element may be shown in great detail. Internal force shape
functions serve as the foundation for the FB formulation, in contrast. Shear forces, axial force,
and bending moments are examples of internal forces that are usisdamrhulation to model

the element's plastic reaction. Since FB elements’ displacement fields are unrestricted, they can

more closely approach the plastic structural response than the DB form[1&#oh97,198].

The beancolumn elements in this study are modelled using OpenSees' "element
elasticBeamColumn" command. The brace elements, however, are linked to the "element
dispBeamColumn”. This command is based on the displacdmaset] formulation, indicating

that the FB approach is employed to capture the plastic behaviour of the elements. This
formulation can provid a more accurate representation of the structural response under seismic
loading conditionsTherefore, it is important to note that due to the simulated imperfections,
the brace experiences plastic deformation at the midpoint. In this context, four elements will be

sufficient to effectively capture the plastic behaviour of the brace.
5.3 Brace Element

The modelling of braced frames has been a subject of extensive research, focusing on
understanding the various parameters that influence brace behaviour. One of the key challenges
in this modelling is accurately representing brace buckling. W88][proposed an OpenSees
model that effectively captured global buckling behaviour observed in calibration tests, which
was further refined by Salawde?P0J using experimental data from Goggi291]to validate

its accuracy and make additional recommendations. The model employed the - Giuffré
MenegottoPinto material model (Steel02 in OpenSe&8gB|to simulate steel brace behaviour,
considering kinematic and isotropic hardeniag well as the Bauschinger effect. The bracing
elements were modelled using a nonlinear bealmmn element that accounted for distributed
plasticity along the element length rather than usingdsined locations of plastic behaviour.
Distributed plasticity models have several advantages over concentrated plasticity models as
discussed earlier. These include enhanced accuracy, increased flexibility, detailed strain
information, versatility, and robustness. As a result, distributed plasticity modelslaseiited

for capturing the complex inelastic behaviour of structural elements in a wide range of

applications.

Various parameters have been identified and experimentally calibrated by researchers to

understand their influence on brace behaviour within a frame. One of the important parameters
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were identified: the number of elements used to model the brace and the initial imperfection at
the brace midpoint. A minimum of two elements was required to induce buckling, and an initial
imperfection was introduced to ensure the expected behaviour. The number of fibres used to
model the brace cross section and the number of integration points per element were also
important factors. Uriz and Mahi2(2] highlighted that using a small number of fibres in the
Cross section increases sensitivity in the interaction between bending moment and axial forces
within the element. The number of fibres around the perimeter of the cross section significantly
influences the behaviour, and a recommended minimum of 10 to 15 fibres along the depth of
the brace was suggested. Salawdeh and Gogg0# iftroduced an expression that addresses

the issue of maintaining a consistent physical size of members around the perimeter for square
and rectangular hollow sections, irrespective of their esestion size. The findings of this

study indicate that whestealing with smaller cross sections, fewer fibres can be utilised, while
larger cross sections require a greater number of fibres to achieve the desired physical size. This
can ensure uniformity in member dimensions while adapting to variations irsedss sizes,
optimising the structural performance and efficiency of square and rectangular hollow sections.
Figure 5-3 presents a detailed breakdown of the brace elements, highlighting their discrete

sections. ]98]

Figure 53: Schematic FE model of the diagonal bra@gsfipre sections and camber

projection [L96] (b) the element arrangement layout with middle point displacelfiesg]
Another important parameter is the initial imperfection required to induce brace buckling.
However, there is still some variation in recommendations. Uriz and M&tlg] Juggested
an imperfection between 0.@1% of the brace length, while Wijesundara and Wijesundara
et al. R04,205] recommended 0.5% of the brace length. Salawdeh and Godtfig$fdqund
that an initial imperfection ranging from 0.1% to 1.0% provided the best comparison with test
data, with lower ragnitudes for less slender braces and higher magnitudes for more slender
braces.

Therefore, as a conclusion, a minimum of three integration points is recommended. Using more
integration points per element allows for the use of fewer elements. In case of this study, a total

of 20 integration pointgvereemployed in the numerical modelling. This choice was made to
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ensure a higher level of accuracy and to capture a more realistic behaviour of the braces being
analysed. In this study, the initial imperfection utilised was 0.5% of the brace length, as
recommended by O'Reilly and Nascimbene efl&83[206]. This value was chosen to introduce

a realistic representation of imperfections into the structural model. By incorporating this
imperfection magnitude, the study aimed to account for the potential effects of initial geometric

nonlinearity on the structural response and behaviour.

It is worth noting that while the abovaentioned modelling parameters have shown relatively
accurate predictions of brace response,etheme some limitations to this memibased
modelling approach. One assumption is that plane sections remain plain and do not locally
distort, which is not true for tubular members that experience significant local buckling and
deformation during bucklinggspecially in stocky bracing members. Ufi09] compared the
numerical predictions with experimental test results usingaoompact sections and observed
significant divergence. Another limitation is that the model assumes initial stress states are zero,
whereas residual stresses from the manufactupiragess and additional stresses from
imperfect fit during installation can be present. Additionally, Eurocode 8 specifies the use of
only compact (Class 1) sections for tubular brace members in structures classified as high
ductility, which somewhat mitagtes the significance of this limitation. More details were
presented in several studies such as U1i29], Santagati et d207], Uriz andMahin[202],
Wijesundarf205], and Spacone et §208].

5.4 GussetPlate Connection

The gusseplate connections in actual structures play a significant role in the stiffness,
resistance, and inelastic deformation capacity of th€€8BE systems. Accurately simulating
these connections is crucial for a realistic analysis of the strudbetgsiour. Simulating the
nonlinear behaviour of gusselate connections is essential for accurately analysingBE
systems. The use of springs and careful estimation of the guatestiffness are important
considerations to capture the connection's rotational behaviour and predict the buckling
capacity of the braces. The connection between the braces and thegissbetrough the zero-
length element with a rotational stiffness determined from the physical properties of the gusset
plate are adopt from Hsiao et al209]

To capture the nonlinear rotational behaviour of gugkde connections, various modelling

approaches have been considered. One approach involves using single or multiple springs along
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the brace axial direction at and beyond the end of the brace. These springs represent the
rotational stiffness of the gussahte connection and allow for the simulation of the
connection's response to loading. The determination of the appropriatesstofribe gusset

plate connection is crucial for accurately predicting the buckling capacity of the brace.
Research, such as that conducted by Hsiao ¢2@®], has highlighted the importance of
accurately estimating the gusgdate stiffness. Incorrect estimation can lead to inaccurate
predictions of the structural behaviour and potential failure modes. PguirBustrates the

proposed numerical model of the gusset plate connections developed by Hsig208{.al. |

Figure 54: The proposed model of the nonlinear rotational spring of the gusset plate
connection according to Hsiao et [&@09, 210]
Figure5-5 provides a detailed schematic illustration of the gusset plate, as well as the method
of connection between the gusset plate and beam element. The figure highlights the specific
arrangement and configuration of the gusset plate, showcasing how it & tonkiee beam
element in the structural system. This visual representation offers a clear understanding of the

connection details for further analysis and evaluation.
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Figure 55: The schematic representation of the gusset plate connection as configured in the
shaking table tests.

The design of gusset plates currently follows a rule of thumb known as the Whitmore section,
which was introduced by Whitmor@J1]. Figure5-6 provides a visual representation of the
Whitmore effective section determination. To establish the Whitmore effective section, two
lines are extended at an approximate angle of 30 degrees relative to the longitudinal axis of the
brace. These lines originate from the gus$sdirace weld at the gusset plate tip. The
intersection of these lines with a line perpendicular to the brace through the end of the welds
determines the width of the Whitmore section. Originally, the definition of the Whitmore
effectivewidth was developed for bolted connections. However, Ast&s¢h212] extended
this concept to welded connections, enabling its application to a wider range of connection

types. A rotational stiffness of the gusset plate connection is provided by equation:

9, P 5.1

Where 9 s: Whitemore width

t: Gusset plate thickness

. 6 & Average length of projects lines
E: Young's modules of steel

The equation given defines a parameter using several variables. Specifically, E represents
Young's modulus of steel, Wis the Whitmore width (defined by a 45° projection angle as

proposed by Whitmore in 1950), and Lave denotes the average of L1, L2, and L3, as shown in
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Figure 5-6. Notably, L1 and L3 are computed using a smaller projection angle of 30°.
Additionally, t represents the thickness of the gusset p2i8]

Figure 56: lllustration of Whitmore effective width and characteristic length for welded
connections of the gusset plate (JMei and Stephen|)214]
Therefore, to determine the rotational spring parameters of a gusset plate, it is essential to
consider the plate's geometric characteristics and material properties. These parameters,
including plate thickness, length, width, and material stiffness f&ignily influence the plate's
resistance to rotation. By analysing these factors, the rotational spring parameters can be
obtained and documented.Table 51, the rotational spring parameters of the gusset plate are

presented based on the specific geometric characteristics considered in the analysis.

Table 51: The Whitmore effective width and geometry characteristic of the welded
connections for different gusset plates.

ID Size t L1 L2 L3 Wy, Average Clearance F, (MPa) F,(MPa)
(mm) (mm) (Mmm) (mm) (mm) (mm)

Type N(t) Material properties

S1  40X40X3.8SHS 3.8 4421 89.2 6.4 121.67 46.60 Linear 2 433.34 437.05

S2  30X30X2.9SHS 2.9 38.88 70.57 10.33 87.67 39.93 Linear 2 469.22 493.92
S3  25X25X2.0 SHS 2 38.76 69.29 1252 8274 40.19 Linear 2 449.37 469.57
S4  20X20X3.0 SHS 3 433 68.08 23.1 66.57 44.83 Linear 2 411.21 428.66

5.5 Rocking Connection of SCEBF System

The development of a numerical model that captures the behaviour of the steBF3(ing
the OpenSees software has been described. Several researchers have contributed to the
modelling of CBFs and braced frames in OpenSees, with a particular emphasis on accurately

representing brace behaviour and developing appropriate fatigue models for structural hollow
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steel brace members. Some notable studies in this area include the works of Uriz and Mahin
[202], Wijesundard205, and Sadwdeh[200].

The use of a rocking frame, a more recent technique in steel constructions, is seen in many self
centring systems. To replicate the rocking motion of the beam against the column during cyclic
loading, researchers have used a modelling technique thatigiseinkages and contact
springs. The beams, columns, and braces are modelled using fibre elements that are derived
from the forcebased formulation. The modelling process has been verified using experimental
data that Christopoulog2]5]and Garlock216]provided. Cycle loading tests on péshsioned

rocking connections were used in these experiments. The suggested method for modelling the
rocking connection was validated by the numerical simulation results, which nearly matched

the expernental results.

The behaviour of the SCBF is represented by a numerical model developed using the
OpenSees framework. The specific model for theCBF is detailed in O'Reilly et al1§7]

and O'Reilly [L68], where analytical expressions fronisthesearchare compared to results
obtained from a pushover analysis of a sirgiteey SG-CBF numerical model. A novel method

for CBFs has been presented, which includes PT elements to provide a bilinear elastic restoring
force to the braced frame during cyclic inelastic loading. The ssigley SGCBF response

of this innovative system displays a distinctive fidmped hysteresis loop. As a result, it
successfully prevents residual ingtory drifts that are caused by the inelastic behaviour of
the bracing members during seismic loading. A numerical model of H@&BEF vas developed,
employing established modelling techniques used for conventional CBFs. Additionally,
experimental data was also utilised to validate the accuracy of the rocking connection model.
The results show that this novel &BF system can develop into atlvanced seismiesistant

system with better overall performance than conventional.

The model incorporates parameters similar to those used for conventional CBFs for the bracing
members, such as an initial camber to induce buckifrthe brace members during loading.
However, a different connection model is employed to accurately capture the rocking behaviour
of the bearrcolumn connection in the SCBF. A slotted plate was employed to connect the
beam to the column flange, enablirgational flexibility for the beam. Setfentring forces

were introduced to the structure through PT strands. As the beam began to rock against the
column, the PT strands elongated, generating a tensile force that closed the gap in the rocking

connection. This action resulted in the frame returning to its vertical position. The bracing
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members are linked to the beam using gusset plates. These braces undergo deformation during
the development of the rocking mechanism. To prevent localised failures, cover plates and
stiffeners were added to strengthen the ends of the braces, beams,uamus degure 5-7
illustrates the basic arrangement, where the rigid links represent the column face, as well as the
top and bottom flanges of the beam. By incorporating a series of contact springs, the rocking
behaviour of the connection can be accurately captured. The complete model forGB&SC

is depicted in Figur®&-8, where the bracing members are connected to the beams, resembling

a bearronly gusset connection.

Figure 57: The details and numerical model of the rocking connection of tHeEFC
system.
It is worth mentioning that the elongation of PT strands occurs when the-dodamm
connection joint gap opens. The dynamic behaviour of the system is examined in terms of its
hysteretic response. In most research studies, the initialggasbned force is typically chosen
to be one third of the ultimate strength capacity of the strands. This allocation reserves-that two

thirds of the strand's capacity is reserved for the final design stage.

The primary objective is to preserve the elastic behaviour of the PT strands following severe
seismic excitations. Therefore, it is crucial to select a reasonable PT force to support the
structure while ensuring that the maximum PT forces induced durnitigjgakes remain below

0.75 of the ultimate strength capacities of the strands. This consideration is vital for maintaining
the elastic behaviour of the PT cables and ensuring their strength capacity during and after

seismic events. The integrity of PT cables must be protected while still progigutgural
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support; this balance is critical to the overall performance of the cables during seismic

occurrences. This balance ensures that the structure remains stable and resilience while
simultaneously preventing any detrimental effects on the PT cables. The performance of the PT
cables can be optimised, improving the overall seismic performance and safety of the structure,

by carefully examining and addressing both issues.
5.6 The SC-CBF Frame

In this chapter, only the middle frame (&XBF) was modelled since the two gravity frames
don’t provide any lateral resistance. The model includes multipoint constraint elements to
capture the rocking mechanism in the beatumn connection and nonline#rre elements to
model the brace's plastic deformation during energy dissipation. The numerical models
employed in the study replicate the dimensions of the main elements (beams and columns) and
braces used in the experimental shaking table setup. Thes laahtolumns, which remain
elastic under loading, are modelled using 2D beatamn elements. For the brace members,
four nonlinear displacemettased elements are used along the member, each having five
integration points per element. A 0.5% initial imjgetion, as described and presented by
Wijesundarg 205], Wijesundara et a[204], and Salawdeh and Goggif03], is induced to
cause global lateral buckling of the braces. The brace-seat®n is divided into 20 fibres
along both width and depth and five fibres along the thickness.

The connection of the braces to the beam’s flangebd&s modelled asratational spring to
capture the gusset plate deformation. This behaviour of the rotational spring is adopted from
Hsiao et al. 209]. PT elements are modelled using truss elements with the elastic material
model, anccontact elements are used at the beam flanges for the rocking connection, which are
modelled using zertength elements with elastic #tension material A more detailed
description will be discussed later in this section. In Figes a schematic diagram is
presented, illustrating the utilisation of the numerical modelling concept descriligéyly

[168]

The PT elements in the model are represented using truss elements and the bilinear steel
material model known as Steel01 in OpenSees. To incorporate the initial strain in the PT
elements, the material is modified using the initial strain material calt&drain.
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Figure 58: The numerical model frame used for-6BF system used in experimental
shaking table testadapted from O'Reillyy16§.

The initial PT force, B, in the strands after the elastic shortening of the beams is converted
into a strain using basic mechanics principles. This strain is then applied to the material. These
properties include a yield stre$gf) of 1770 MPa and a modulus of elasticiy) of 195 MPa.
The initial PT force applied to the stran@sd) was assumed to be 0.25Rn whereAp is the
crosssectionahrea of the PT strands. However, because the PT elements have an initial strain
while the beams do not, there is a small reduction in the PT force before lateral loading is
introduced in OpenSees. This reduction occurs due to the axial shortening of the beams. Hence,
in OpenSees, it is essential to introducenamnease in the initial strain applied to the material
of the PT elements as a mean to compensate for this effect. This adjustment is necessary to
accurately simulate the bahiour of the PT system and ensure that the numerical model
captures the structural response under seismic excitations. This adjustment ensures that the PT
force is accurately represented, taking into account the axial shortening of the beams, before

the lteral loading is applied.

The rocking connection's contact springs, located at the beam flanges, are simulated using zero-
length elements in the model. These springs are assigned an eldstisina-material model,

which means they exhibit high stiffness when compressed, effectively functioning as contact
springs. While the contact springs allow for free movement of their nodes in an outward

direction, they offer substantial resistance when compressed due to the applied stiffness.
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The contact springs primarily provide resistance against displacements caused by shear forces,
as they do not offer rotational resistance. To prevent large displacements induced by shear
forces, the shear resistance of these springs is set to a veryahigh Monitoring the shear

force in these springs allows for the calculation of the connection's shear force. The compressive
stiffness of the contact springs is an important parameter in the model. According to Kim and
Christopoulos [111], this parameter is highly sensitive, andsirecommended to choose a
value between 10 and 20 times the axial stiffness of the beam element&ltocaw@rgence

issues.

To ensure a reliable and realistic comparison between experimental and numerical simulations,
it is crucial to use the same ground motions that were applied in the experimental shaking table
tests. Hence, the ground motions recorded by the accelerometer installed on the shake table

were used as the excitatiorputs.
5.7 Low-cycle Fatigue Modelling

Fatigue refers to the progressive localised permanent deformations that occur in a material when
it experiences fluctuating stresses and strains. The incorporation-oytbefatigue modelling

is of utmost importance in the analysis of steel(3Fs subgcted to seismic excitation. This
modelling approach allows for a comprehensive understanding of the cumulative damage and
potential failure modes that the structure may experience under cyclic loading conditions. A
popular software platform OpenSees pdad a fatigue material parameter that is intended to
measure the cumulative damage in bracing. It is possible to simulate and assess the effects of
fatigue on the structural response with accuracy by using this parameter. This makes it possible
for researbers and engineers to evaluate the durability and temg-performance of steel SC

CBFs, assisting in designing and optimisithggse structures to withstand seismic events

effectively.

It is important to note that the strain amplitude may not have a constant value under seismic
loading. This implies that the strain amplitudes experienced during each cycle may vary, and
the fatigue model in OpenSees can accommodate thisarmtant amplitude behaviour.
Chapter 3 provides a detailed examination of the results concerning low and extremely low
cycle fatigue tests. The subsections within this chapter provide a comprehensive exploration of
these parameters, offering andapth understanding of low and extremely Joyele fatigue

and the associated techniques for characterisation. Calibrating the cyclic material hardening is
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also discussed in this chapter. It involves determining the relationship between the material's
hardening behaviour and the number of cycles to failure, enabling an accurate representation of
the material's response under cyclic loading. To establish egordsent cyclic stresdrain

curves, researchers typically use half the number of cycles to failure as a reference point. This

approach enables a characterisation of the material's cyclic response.

The testing process involves subjecting the specimen to cyclic axial straining until failure
occurs after a certain number of cycles. The results obtained from thesstagsdysteresis
loops are presented in terms of stress range, mean stressyantalastge, and plastic range.

To extract the CoffirManson parameters, the elastic and plastic strain amplitudes were plotted
against the number of reversals to failure on ddggscale, as described in Section 3.2.3. This
plot facilitates the determitian of these coefficients, providing valuable insight into the
material's cyclic behaviour. The slope of this relationship is denoted as the fatigue ductility

exponent (c), and thiatigue ductility coefficient ) is the strain for a single reversal. The

Coffin-Manson relationship is presented using the following expression:

<

¢ 5.2

Z2- yv(20n)°
5= VY209
Where ¢ is the plastic strain amplitude ¥ the fatigue ductility coefficient, ¢ is the fatigue

ductility exponent and By is the number of reversals to failure

Table3-10in Chapter 3 provides the resulting parameters of the Cliinson relationship,

which were obtained using the aforementioned procedure. The plot illustrates the relationship
between the number of reversals to failure and the strain amplitudes (£0.5%, +1%, +2%, +3%,
+5%) on a lodog scale to extract the fatigue ductility and fatigue strength parameters.
According toTable5-2, it is evident that the values of the fatigluetility coefficient (Y{) were

not closely clustered together. The SHS 40x40 section had a coefficient of around 0.24, while
the 30x30 section had a value of approximately 0.68. The SHS sections 25x25 and 20x20
exhibited nearly equal values of 0.1. Furthermore, the fatigue duetifiiynentc) values were

-0.441, -0.648, -0.478, and 0.409 for the 40x40, 30x30, 25x25, and 20x20 sections,

respectively, with an average value 0/494.

The coefficient of variation (COV) displayed significant variability for both the cyclic and
monotonic tests. Notably, the COV for the fatigue ductility coefficieff) vas relatively high,

primarily due to the elevated value of the 30x30 specimen. However, if this particular value is
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excluded, the COV decreases to 42%. The average tifrdeesections is 0.148. Similarly, the
COQV of the fatigue ductility exponent decreases to 6%.

The earliest of the bradeacture models implemented in OpenSees, developed by Uriz in 2005
[199], is based on lowycle fatigue of constant plastic strain amplitude. The strength and
ductility hardening parameters were extracted from the Cbffisen relationship. The
coefficients proposed by Uriz and Mahi@0p] for a tubular steel bracing element were
calibrated using only a single section. The calibrated values for the coefficients'ywe®95

and c=0.458. However, Salawdeh and Goggi#83] conducted further experimental work,
based on the research by Goggir¥1l], and proposed a new set of parameters for the low
cycle fatigue of brace members. These new parameters, validated through independent testing
conducted by Nip et al. were determined =019 and ¢=.5 [217].

In another study carried out by Santagati et24l7], their objective was to identify appropriate
parameters for the low cycle fatigue model put forward by US8] A notable aspect of the

work of Santagati et al2D7]is to assume that the coefficient c0s458, as suggested by Uriz
[199], remains constant during the calibration proc@sth this assumption, only one variable,
denoted asY{; needed to be determined. Through their analysis of the data, Santagati et al.
[207] recommended usinge¥0.07 for numerical analysis. This value represented the lowest
Yyvalue obtained from the dataset, vehtihe maximum ‘Yvalue was 0.17 and the mean value
was 0.12.218]

Areview of several studies that offer suggested values for the fatigue decgidpen{c) and
fatigue ductility coefficient (Yy) parameters, which are mostly relevant to structural steel
braces, is shown ifable5-2. It is noteworthy that, in contrast to the values indicated in the
table, two of the studies included Table 5-2 include formulae for determining the value of

Yy where the expected yield stress of the steel biaé® normalised with respect to the
Young’s modulus E. The predictein’s the slenderness ratio of the HSS cross section as defined
per AISG360-10. >, and t are the brace dimensions computed to verify the Class of sections

for HSS braces an%Aslenderness ratio

-167-



Chapter 5. Numerical Model Development and Validation

Table 52: The recommended values of the fatigue ducehkiyonentc) and fatigue ductility
(YO parameters for OpenSees numerical modelljag8]

Study Year c Yy
Uriz and Mahin [2008 | -0.50 0.095
Chen and Mahin [2012]| -0.60 0.090
Santagati et. al [2012]| -0.46 0.070
Lai and Mahin [2012]| -0.46 0.099
Salawdeh and Gogging [2013] | -0.50 0.190

. G S '
Lignos and Karamanci| [2013] | -0.30 Y,= 0.291 I—Np F0.484 %AFO.GlB GO.3

. G >, !
Tirca and Chen [2014]| -0.50 | Yy53g% 0.006 I—NpFO.859 I—;p FO0.6 I'T$GO.1

This Study [2022] | -0.49 0.148

Theequationproposed by Lignos and Karaman@19]and included iable5-2 is designed

to predict the value ofYyyfor slenderness ratios up to 85. This equation was slightly modified
by Tirca and Cher[18] (as shown imable5-2) to account for HSS (Hollow Squared Section)
braces with a slenderness ratio (kL/r) ranging from 50 to 150. The modification was based on

data obtained from fourteen experimental tests.

The recommended models mentioned offer alternative methods to estimate the fatigue ductility
( Y9 considering the specific conditions and characteristics of the braces. These models can be

used to gain a deeper comprehension of the behaviour and functionality of the structural system.

In the analysis of the response of steel(3&Fs to seismic excitation, leeycle fatigue
modelling plays a crucial role. This provides valuable insights into the cumulative damage and
potential failure modes of the structure under cyclic loading conditions. OpenSees provides a
fatigue material parameter that is utilised in modelling the accumulated damage in braces. This
parameter is wrapped around the parent Steel02 material parameter assigned to the braces,
allowing for the tracking of cumulative damagée tested frame was specifically configured

for shaking table experimental tests in a laboratory setting. To accommodate these laboratory

conditions, a distinct model was developed for this particular test.

In this study, the values of the fatigue ductility and fatigue strength parameters used in the
OpenSees modelling were derived from Chaptesf3his research. The chapter provides the
necessary information and data to determine these parameters, ensuring that the numerical

modelling accurately represents the fatigue behaviour of the structural elements.
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5.8 Dynamic Analysis

The analysis options provided by OpenSees are essential for conducting nonlinear time history
(NLTH) analyses. The first step involves a gravity analysis, where the structure experiences
constant gravity loads throughout the earthquake simulation. Thecheved using a
straightforward load pattern and a 4i@p incremental static loading procedure. The analysis
incorporates Transformation constraints, RCM numberer, BandGeneral system of equation
solver, Newton iteration algorithm, and a Norm Displacerrarement convergence test with

D WROHUDQFH RI T ql DQG D PD[LPXP RI LWHUDWLRQV
loading, the pseudtime is reset, enabling the introduction of earthquake ground motion to the

structure. P]

To perform the NLTH analysis, the initial setup follows a similar approach to the gravity loading
case. However, there is a notable distinction as this analysis involves dynamic effects with a
uniform excitation, such as ground motion, applietheostructure. The objective is to achieve
efficient convergence of the analysis as quickly as possible.

The Transformation constraints, RCM numbered (Reverse CuthillMcKee algorithm), and
UmfPack (collection of routines that facilitate solving unsymmetric sparse linear systems)
system of equation solver, which have been utilised in previous analyses, avgeshiplthis

case as well. To expedite convergence, the KrylovNewton iteration scheme is employed. This
scheme utilises an EnergyIncr test object with a tolerancexof 1jand a maximum iteration

limit of 100, ensuring a swift convergence process during the transient analysis.

Since the analysis is transient in nature, a different integrator is required compared to the static
integrator used for verifying the numerical model. Newmark's method, a widely used integrator,
is commonly employed in such cases. This method incorpatitexent coefficients,. and

that determine the scheme employed and guarantee unconditional stability for specific
combinations of these coefficients. Furthermore, these integrators possess a certain amount of
numerical damping, which affects the beloarr of the analysis220, 221]

The occurrence of numerical damping in numerical integrators is exemplified by the "Wilson-
method". Wilson et alZ22] Initially popular for its convenience, this method was later found
to exhibit substantial numerical damping, resulting in an excessive suppression of the structural

response. Moreover, users had no control over this undesirable damping effect. In yesponse
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Hilber et al. 23] developed an alternative numerical integrator that provided unconditional
stability for linear problems and allowed users to control the level of numerical damping.

Since numerical damping reduces higher spurious modes, which have little practical effect but
can be difficult to represent numerically, it can be useful in integrators. Numerical damping is
used in the SEBF model to handle convergence problems thatdcoatur when the contact
elements at the beam flanges come into contact and cause a sudden change in stiffness. Such a
sudden shift in nodal accelerations may cause convergence tests to fail, which would make the

model unusable.

To mitigate convergence problems in the contact springs, numerical damping is introduced
using the Hilber et al2R3] with a damping coefficient value of Although this value is
not excessively high, it effectively mitigates convergence issues and contributes to stabilising

the model during contact interactiori$6g].

The analysis begins with a chosen initial tistep of 0.001s, and the earthquake is simulated
incrementally until its completion. To ensure accurate results, an additional period without
excitations is appended to the end of the earthquake record. This extended duration allows the

structure to undergo free vibrations and gradually come to rest in its final position.

Including this supplementary period is essential to obtain the correct value of the residual
displacement. Without it, the structure may still be in motion at the end of the earthquake record,
and its final resting position, which is of particular interest, would not be accurately captured.
To accurately amunt for the residual displacement in a structure, it is essential to allow
sufficient time for the structure to settle and reach a stable state during the analysis. This ensures
that the analysis captures the correct value of the residual displacemdéme. énd of an
earthquake record, the structure may still be vibrating and not yet at its final resting position,
which is the desired stat# interest. By providing ample time for the structure to settle, the
analysis can appropriatelyonsider and quantify the residual displacement present in the

structure.

In order to enhance the efficiency of the analysis and address convergence challenges, a specific
scheme is implemented. This scheme involves adaptivestepping of the applied history

until convergence is achieved. The procedure starts by initialnigathe initial timestep. If
convergence remains difficult, the timtep is further reduced by dividing it by 10. If

convergence continues to be elusive, the step is divided by 100. If convergence is still not
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attained, additional adjustments are made, including dividing thestiepeby 10, increasing

the maximum number of iterations to 500, and reducing the test tolerance to & This

iterative refinement process aims to ensure convergence while maintaining computational
efficiency. By implementing this process, the analysis proceeds more efficiently by adaptive
time-stepping and adaptive iterations and tolerances to overcome convergence challenges.
Specifically, when facedith challenging time steps duag the analysis, adjustments are made

to ensure convergence is achieved.

In summary, the NLTH analysis entails setting up the initial objects similarly to the gravity
loading case, but with the inclusion of dynamic excitation. A different integrator, such as
Newmark's method, is employed for transient analysis, ensuring tytavitl incorporating
specific coefficients ( and  that govern the level of numerical damping. To ensure
convergence and accuracy in numerical analysis, it is important to carefully select appropriate
time steps and integrators based on the specifi@actaaistics of the problem at hand. This
involves considering factors such as the dynamic behaviour of the structure, the time scales
involved, and the desired level of accuracy. Iterative refinement techniques, adaptive time
stepping, and stability analgscan also be employed to improve convergence and address
divergence problems. For detailed information on these analysis objects and their application,

refer to the OpenSees command manual.
5.9 Eigen Problem Analysis and Damping Ratio

By assuming that the total mass of the structure is concentrated at the floor levels, you can
represent the structure as a single column with concentrated nmassesh floor. This
simplification is known as the lumpedass model. In this model, the horizontal displacements

of these masses represent the overall deformation of the structure.

The computation of the concentrated masses at the floor levels can be done based on the weight
of the floor system. The weight of the floor system includes the dead load (permanent weight
of the structure) and themposedoad (variable weight due to occupancy and use). These loads
can be esthated based on building codes and standards. Similarly, the stiffness of the vertical
elements, such as columns, can be computed based on thegemtigsal dimensions, material
properties, and geometrical configtioas.The stiffness represents the resistance of the column

to deformation under applied forcgs67, 224, 225]
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By simplifying the structure as a singlegree of freedom system with concentrated masses

and considering the horizontal displacements of these masses, engineers can analyse and design
buildings more efficiently. However, it's important to note that theswlifications have
limitations and may not capture all aspects of the actual structural behaviour. Advanced analysis
technigues, can provide a more accurate representation of complex structures with a higher

number of degrees of freedom.

Stiffnessproportional damping ratio models are particularly effective in adjusting the damping
ratio as the stiffness matrix evolves throughout the structural response, enabling better
dissipation of highfrequency content. A more inclusive approach, Bigyl damping, combines

both massroportional and stiffnegsroportional components to dampen both-lewd high-

frequency ranges.

In the context of rocking structures, especially during impacts, there is a rapid increase in
frequency content for a brief but finite period. The stiffAgsgportional damping ratio model
effectively captures the damping behaviour in these situations, saapts to changes in
stiffness. To accurately model the impact behaviour in rocking systems, careful attention must

be given to the damping coefficient and damping ratio.

Rocking dynamics assume that energy is lost with each impact, as described by the coefficient
of restitution, which connects the angular velocities of the structure before and after an impact.
For rocking systems, establishing a relationship between #fécgent of restitution and the
damping ratio is critical to achieving energy equivalence between Housner’s classical rocking
theory[15] and numerical viscous damping models. |therefore crucial to be aware of the
influence of damping in rocking systems. There is considerable debate against the use of mass
damping, especially in the context of rocking structures. Thus, a thorough investigation into the
appropriate damping models for roogisystems is needed, which could be an important area

of study in the near future to address gaps in current numerical modelling appli@2thes

228].

5.9.1 Eigen Problem

The first step in determining the natural circular frequency of the structure's first mode of
vibration is to perform an eigenvalue analysis. Eigen analysis, also known as modal analysis,
is a technique used to obtain the dynamic characteristics of austrusuch as its natural
frequencies and mode shapes. In the context of the described analysis, eigen analysis was
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performed to determine these dynamic properties. In the eigen analysis, seismic masses are
typically assigned at the nodes of beeotumn intersections, and modal analysis is performed
to record the eigenvectors representing the modal shapes of the structure. These masses

represent the concentrated mass of the structural elements.

However, it is worth mentioning that seismic masses were not assigned at the nodes of beam
brace intersections. This could imply that the braces are not considered to contribute
significantly to the overall mass or that their mass distribution is negligible compared to other

components of the structure. The specific rationale for this decision would depend on the details

and assumptions of the structural system being analysed.

This analysis provides valuable information about the fundamental mode shape and the
corresponding natural frequency. After obtaining the natural circular frequency from the
eigenvalue analysis, a 3% stiffngg®portional Rayleigh damping is applied to the model. This
type of damping is commonly utilised in steel structures and involves introducing damping into
the last committed stiffness matrix. The selection of a 3% damping value aligns with typical
choices for elastic damping in steel structures. Bynporating this damping, the subsequent

dynamic analyses can accurately capture the dynamic response of the stt6@ L&, 205].

The damping coefficient in a structural analysis can be determined using two approaches. The
first method involves calculating it directly based on the desired percentage of critical damping.
This allows for precise control over the damping characterisfitie system. Alternatively,

the second option involves assigning Rayleigh damping parameters to specific regions within
the structure. A region can encompass one or multiple elements. By determining the Rayleigh
damping parameters for stiffness and/@ssproportional damping within these regions, the
desired percentage of critical damping can be achieved. Both of these methods have been
extensively validated in verification models, demonstrating consistent and reliable results. This
gives users the confidence that either approach can effectively capture the desired damping

behaviour within the structural analysisf/, 168, 197]

To determine the Rayleigh damping parameters for stiffness and/or mass proportional damping
within these regions, the desired percentage of critical damping is used as a basis for calculation.
By adjusting these parameters, the desired damping behawole eehieved for the analysed

structure. The Rayleigh method, with its ability to assign damping parameters on a region basis,

provides a versatile approach to incorporate damping effects in structural analysis. This
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technique has been widely used and has demonstrated its efficacy in capturing the desired
damping behaviour in a reliable manf224].

The use of the last committed stiffness matrix involved in the analysis is very important because
it captures the stiffness of the previous increment, ensuring accurate consideration of the
previous analysis step that has converged to the specified tolerance. On the contrary, using the
initial stiffness matrix for nonlinear analysis is completely inappropriate, as it can lead to
excessive damping forces that excessively inhibit the structural response. This may create a
false impression of satisfactory paminance, even though actual behaviour may be

conservative.

Although the current stiffness matrix always converges during the analysis and may not be
accurate at every step, the use of the final committed stiffness matrix is generally acceptable,
especially when using small analysis increments. However, sinceogfécients of the
Rayleigh damping model are usually based on the initial stiffness matrix, it is necessary to
update these coefficients at each step to account for the evolution of the stiffness matrix. This
process requires significant computationdfiort because eigenvalue analysis must be

performed at each step to calculate the updated coefficients.

In discussing the Rayleigh damping coefficient, Charney explores its meaning and suggests that
using coefficients derived from an initial analysis of the stiffness eigenvalues may be a
reasonable approach. When applied to the tangential stiffness of the system. This approach
balances the need for accurate damping behaviour while optimising computational efficiency
[168, 224]

5.9.2 Half Power Bandwidth Method

The half-power bandwidth method, commonly known as the 3dB3g)/Mmethod, provides a
means to estimate the damping ratio from the frequency domain. In this method, damping is
measured by identifying the frequencies at which there is a 3dB)(décreaseom the peak

value on the transfer magnitude curve. These frequencies, referred to as the "half power points,”
play a crucial role in determining the damping ratio. Another damping paraméter, 0
frequency width, represents the width between the boymuants around the fundamental
period as shown in figure below. Hence, the-palver bandwidth method offers a quantitative

approach for assessing damping characteristics in mechanical systems. The determination of
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the damping parameter relies on observing the resonance peaks exhibited by individual modes,
as illustrated in Figure 9229, 230]

Figure 59: The damping parameter determination from {gpedfver bandwidth from the peak
frequencies.

The halfpower method is employed to select frequencies from a spectrum for analysis. The

central frequency of the response pegk,is chosen as the frequency (fundamental period)

with the highest power, although this assumption may not hold true when damping is

significantly high. Frequencies above the peak, fb, and below the peak, fa, are also selected,

assuming they correspond to the hadiver level. Power spectral density (PSD) can be used to

determine the frequencies at which the amplitude is half of the maximum peak by considering

the square of the singliegreeof-freedom (SDOF) frequency response function. Alternatively,

a Fast FourierTransform(FFT) can be utilised to identify the frequencies where the amplitude

is calculated a®ne over the square root of twlovided byseventy percent of the maximum

peak.

BFB 5.3

I3=2a

However, it is important to note that the accuracy of this approximation decreases as damping
increases. The quality factor approximation is valid primarily for low damping values,
specifically when the damping ratias less than 0.05. For instance, Figb##0 showcases the

Fast Fourier Transform (FFT) power spectra for both the experimental and numerical tests. The
spectra are analysed using the Hahdwidth theory to identify the fundamental period and
damping ratio of the structures. This graphical remtasi®n allows for a visual comparison
between the experimental and numerical results, providing insights into the agreement or

discrepancies in terms of the fundamental period and damping characteristics. By examining
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the power spectra, valuable information can be obtained regarding the dynamic behaviour and

response of the structures under investigation.

Magnitude

Figure 5-10: The illustration of the FFT power spectra for both the experimental and
numerical tests for the fundamental period and damping ratio based on tHeahdifvidth
theory.

5.10 Model Accuracy Validation

The calibration process involved comparing the numerical results with the experimental data
and adjusting the input parameters accordingly. This iterative approach helps improve the
accuracy and reliability of the numerical models, ensuring that they capture the essential
features of realorld behaviour. By conducting these tests and addressing the modelling
features, gusset plate or welded connection behaviour, and input parameters, the numerical
models can be verified and calibrated to provide reliable predictions of the structural response
under dynamic loading conditions. The most important parameter that have been calibrated with
the experimental tests are the contact element and the spring elements that form the rocking
connection. The developed OpesS models for the diagoralace seHcentring system
frames were analysed using the same dynamic loading history as the experimental tests. The
analysis results obtained from the numerical models were compared to the experimental test
results to validatehe accuracy of the OpenSees models and finalise the calibration of the

models.

Four tests were chosen from six distinct sets to assess different brace sections in shaking table
tests. The selection aimed to encompass all variations of brace sections under various ground
motion excitations. For instance, Test flepicted a brace semt measuring 40x40 mm, while

Test 34 featured a section sized at 20x20 mm. Further details about the test sets and scaled
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ground motion excitations can be foundTiable 4-4. Figure 5-11 illustrates the intestorey

drift ratios for four different brace sections.

In the process of verifying and calibrating the numerical models against experimental results
for the SCCBFs frames, several tests were performed. The main objectives of these tests were
to gain confidence in the overall modelling features and techniques and to establish a baseline
set of input parameters that accurately capture the experimental response under dynamic
loading conditions. Additionally, the tests aimed to address modelling sensitivity analysis and

account fo groundmotion effects.

Figure 511: The comparison of intestorey drift ratios for different brace sections involves
both numerical analysis and experimental measurements

5.10.1Maximum and Residual Drift Ratios

Comparing the nonlinear intstorey drift ratio histories obtained from both the numerical

models and the experimental tests showed good agreement, as depigaceiir11. The drift
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ratio is defined as the ratio between relative displacement and the storey height. This indicates
that the proposed numerical models accurately captured the observed behaviour of the

structures under dynamic loading.

The average error is about 17% for the 11 tests listédble5-3, which is within acceptable
range. Moreover, the setentring behaviour of the SCBF is successfully captured as the
predicted residual displacements are zero in all test scenarios in the numerical Tatdiels.

5-3 illustrates the maximum drift (Dy) and residual drift (DRsidua) ratios of the SECBF

frame for experimental and OpenSees numerical models. The highest difference in the
maximum drift ratio during the comparison was for Test 37, where the maximum drifts were
0.76 % and 1.07 % in shake table test and the OpenSees mesgettively, which equates to

a maximum absolute difference of approximately 28%. The most reliable and lowest differences
between the experimental and numerical modsd$ound in Test 56, as shown Trable 5-3.

The maximum drifts for the test and numerical model are found to be around 0.17 % with a
maximum absolute difference of 1.36 %. The drift ratio time history curves provide insight into
the structural response, particularly in terms of the lateral defimmsaexperienced during the

seismic excitation.

Table 53: The maximum drift and residual drift ratios of the-SBF frame based on
experimental and OpenSees numerical models.

Shaking Table OpenSees Errors
Test# Brace PGA[0g] DRmax[%] DRresiduall%0] DRmax[%] DRiesidual[%0] Abs Error [%0]
19 B4 0.41 0.00 0.00 0.001 0.00 20.15
29 B4 0.43 0.21 0.00 0.15 0.00 26.16
37 B1 0.57 0.76 0.03 1.07 0.00 28.64
41 B1 0.21 0.22 0.02 0.22 0.00 10.13
45 B1 0.41 0.93 0.04 0.83 0.00 10.14
50 B2 0.25 0.24 0.04 0.20 0.00 17.73
52 B2 0.48 1.19 0.00 0.87 0.00 26.43
55 B2 0.09 0.09 0.00 0.09 0.00 9.94
56 B2 0.22 0.17 0.02 0.17 0.00 1.36
62 B3 0.09 0.07 0.01 0.05 0.00 23.40
65 B3 0.50 1.10 0.00 0.92 0.00 16.82
Average 17.36

It is worth discussing that the maximum residual drift ratio is 0.04 % in the shaking table tests,
which is less than the residual drift limit of 0.2% according to Sullivan €2, 32], while

the residual drift ratios are zero in all numerical models. It demonstrates that the novel system
has an excellent setientring behaviour and the developed numerical model can capture this

behaviour accurately.
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5.10.2Fundamental Periods

During shake table tests, the singterey structure is considered a single degree of freedom
(SDOF) system. To determine the fundamental periods of the structure, white noise tests are
conducted in between the main tests, and the roof acceleratiors datalysed using fast

Fourier transform (FFT) algorithm. For the numerical models, the fundamental periods are
solved via Eigen analysis. Frequencies, f, and fundamental periods, T, from the shake table tests
are compared with the numerical predictions as showahie5-3. For test series S1 and S8,
where the structure remains within the elastic range during testing, only the fundamental periods

before testing are provided.

Comparing the period values for different brace sections, it is observed that as the brace strength
increases, the periods decrease, with the bare structure (S8) having the highest period. However,
in the eigenvalue analyses, the changes in period widrelit brace sizes are less significant.

In test series 2 to 7, the periods are found to increase for slender braces, indicating strength
degradation and the occurrence of plastic deformation in the braces. This finding is consistent
with the observationrdbm the shaking table tests, where changes in fundamental periods

indicate alterations in the structural properties, most likely resulting from brace damage.

The damping ratios at different stages are determined using thgolaadf bandwidth method
through FFT analysis. The resulting damping ratios of the structure before and after each test
series are presentedliable5-4. When different braces (or no braces) are installed, the damping
ratios range from 2.5% to 6.2%. The change in damping ratio before and after brace buckling
is also calculated and shownTiable 49 (Chapter 4). Notably, it is observed that as the brace
strength increases, the influence of brace damage on the structure damping becomes more
pronounced. For example, the buckling of brace B1 results in a dangpimghange of less

than 10%, while the damage to brace B3 leads to an increase of over 100% in the structure
damping. This can be attributed to the significant contribution of brace strength to the overall
stiffness of the SECBF, with brace B3 providindnigher stiffness compared to B1. These

findings highlight the notable impact of brace strength on the structure damping.
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Table 54: Natural frequencies, periods and damping ratios of theCBE frame based on
experimental and OpenSees numerical models.

Shaking Table OpenSees Eigen Value Problern

Test # Brace f[Hz] T[s] f[Hz] T[s] f[Hz] T[s]
1 B4 5.75 0.17 3.12 0.32 3.86 0.24
31 B1 (Pair 1) 4.33 0.23 3.50 0.29 3.60 0.28
39 B1 (Pair 2) 4.79 0.21 3.29 0.30 3.60 0.28
47 B2 (Pair 1) 5.00 0.20 3.61 0.28 3.67 0.27
54 B2 (Pair 2) 4.98 0.20 4.84 0.21 3.67 0.27
61 B3 (Pair 1) 5.27 0.19 3.51 0.29 3.96 0.25
69 B3 (Pair 2) 5.15 0.19 3.77 0.27 3.96 0.25
77 No Braces 3.99 0.25

However, it is important to note that the damping coefficients calculated from the numerical
models using the same concept of the-paliver bandwidth method exhibit significantly higher

and unrealistic values compared to common steel damping values @ardérental shaking

table results. This discrepancy is attributed to the nonlinear behaviour of the contact elements
involved in the analysis, as well as the computational integration approach employed in the

nonlinear software analysis.

In order to accurately simulate the compression response of the diagonal braces in the numerical
models, inplane geometrical imperfections have been assigned to ensure reliability. The close
agreement between the numerical predictions and the experimesulik indicates that the

compression response was accurately captured in the numerical models.

Overall, the comparison of the numerical model results with the experimental tests confirms
the accuracy and reliability of the OpenSees models for theesifing diagonabraces. The
validation process, which involved comparing nonlinear displacements, drifts, hysteresis
curves, and fundamental period values, ensures that the numerical models accurately simulate
the observed behaviour and provide valuable insights into the structural response under seismic

loading conditions.

In cases where brace rupture (failure) did not occur when subjected to thes¢@i@dground-

motion intensity, for the strongest brace’s sections, while there is a significant failure for the
smallest sections under the same scale factor of ground motions. The intensity was gradually
increased in different increments until failure occurred. This iterative process allowed for the

determination of both displacement and force capacities of Uneigte.

By utilising a range of groundhotion intensities and carefully selecting records with different

scale factors, the study captures a comprehensive understanding of the structural response under
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varying seismic conditions. The response spectra analysis further ensures that the selected
groundmotion records are consistent with the desired spectral characteristics, enhancing the

reliability and accuracy of the study's findings.

5.10.3Base Shear Demand

The comparison of time history accelerations between the numerical models and experimental
tests revealed a good agreement, as shown in Figli2e This indicates that the proposed
numerical models successfully captured the acceleration response of the structures under
dynamic loading. However, there were variations in the maximum accelerations between the
experimental and numerical models, partelyl with regardto the elevated roof acceleration

in the numerical models. These differences can be attributed to several factors. Firstly, the
presence of sounds and background noises during the measurement of accelerometers on the
top of the shaking table might have affected the accuracy of the experimental roof acceleration
data. Adlitionally, uncertainties and limitations associated with fixing the detached

accelerometer to the shaking table plate could have contributed to the observed differences.

The results from the numerical models are compared with the data obtained from the
experimental tests. This allows for a comprehensive assessment of the accuracy and reliability
of the numerical models in capturing the dynamic behaviour of the strucfiheesomparison

is typically presented in the form of the figures, illustrating the agreement or discrepancies
between the numerical and experimental results. This analysis provides valuable insights into
the performance of the structures under dynamic loading conditions and helps to evaluate the

lateral base shear

-181-



Chapter 5. Numerical Model Development and Validation

Figure 512: The comparison of the time history of roof acceleration for different brace
sections involves both numerical analysis and experimental measurements

5.11 Summary and Conclusion

A comprehensive set of 78 tests was carried out, organised into 8 test series, each focusing on
a specific type of brace installation. The primary objective of performing these tests was to
evaluate the performance of different brace configurations ura@oug ground motion
scenarios. In each test series, a new pair of braces was installed at the beginning and subjected

to a series of ground motions.

One particular test series, denoted as S1, involved theéEBCsystem with B4 braces. Within

this series, multiple trial tests were conducted, involving the adjustment of ground motion scale
factors. It is noteworthy that the B4 braces, being the strosgesimens within the test
program, exhibited elastic behaviour throughout the testing process. The primary emphasis of
the S1 tests was to ensure the structural integrity and investigate the elastic response of the

overall system.

This chapter focuses on the development and validation of a numerical model faZBFSC
using experimental test data. The numerical model was constructed in OpenSees by
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incorporating existing research on the individual modelling of CBFs and PT systems. These
components were then combined to create a comprehensive model of the comiil&8& SC
system. To evaluate the accuracy of the model, cyclic pushover analyses waraegutrand

the results were compared with the analytical expressions derived in Chaggeci@cally for

the SCCBF system. This comparative analysis serves as a means of validating the numerical
model and verifying its effectiveness in predicting thieawsour of the SECBF structure.

To sum up, the numerical model exhibitechaceptablelegree of agreement with the observed
behaviour of the physical SCBF structure, in terms of drift ratios, sentring behaviour and
fundamental periods, confirming its validity for conducting further investigations into the
design and behaviour of SCBFs. This dynamic model enables more comprehensive studies
to be carried out, specifically focusing on the responses of-statey SCCBF structures
under earthquake loading. By incorporating dynamic modelling capabilities, new avenues for

in-depth expdration of the seismic performance of-8BFs are now accessible.
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Chapter 6. Conceptual Framework

6.1 Introduction

For designing structures with sufficient deformation capacity, measured as ductility capacity, it
is allowed to reduce elastic spectra to design spectra. Ductility is a function of a multitude of
important factorssuch as structural geometry, material, structural system, and details. A
structural element is evaluated for strength and deformation capacity after confirming that it

meets the conformity requirements of the code.

It is worth noting that the ductility classes and appropriate behaviour factors should be allocated
at the beginning of the design stage. More importantly, the initial stiffness and the fundamental
period of the structure should also be assigned. Thiggsas usually highly iterative, as the
original design must be modified and updatethtich the initial design assumptions.

A method of designing structures and displacements based on the base shear force might
therefore,lead to overly stiff structures and large sections. Priestley efl#l.njake the
argument that this type of method mayt be useful and might lead to uneconomical structural
design. Underestimating the fundamental periods of a structure leads to an increase in the base
shear demand. kger base shear results in larger sizes of structural elementshasgd
uneconomical design. This problem can be decreased by a more accurate estimation of the

fundamental vibration of the structure.

Over the years, seismic design has been largely dictated by forces and strengths, and thus the
accelerations and masses of the structural elements are important in order to evaluate the lateral
forces on the structure. There were various forms of perforrtzasmd design methods in the

past design experience and building codes that attempted to achieve specific performance goals
in order to overcome the deficiencies and shortages of-barsed design approas{233].
Performance based, and particularly, displacerhaséd approaches have bdemeloped as a

result of the continuous understanding of earthquakes, ground motions, nonlinear structural
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response characteristics, and the different stages and levels of damage affecting the structure
and its occupants.

In contrast with Forc®asedDesign (FBD), these techniques focus on overall structure
performance and displacements, rather than forces and strengths of the structut& 28ag [
Therefore, these methods do not overly rely on strength onlythe iRBD method, but also

focus on the overall performance of the strucfai 234]

Several methods and procedures have been studied and evaluated based on a peblasetnce
design approach. Many studies had profound discussions about the designed structure based on
displacement and performance approach instead of strength andbdsrdedesign method.
Sullivan et al. 231] proposed and examined different methods of displacebess®d design.
They applied eight methods of performance bagesign to five different buildings in order to
evaluate and propose the most appropriate method. The perforbasemkedesign methods tha
have been proposed by many researchers are namely, ISDC metimitthl Stiffness
Deformation Control; ISIP method kaitial Stiffness Iterative Proportioning; YPS method —
Yield Point Spectra; INSPEC method Irelastic Spectra; CASPEC method Gapacity
Spectrum; DDBD method Birect Displacement Based Design; SEAOC methddDBD
method from the SEAOCAmong all these methodshe DDBD methodshows a good

performance level according to Sullivahals analysig231].

The DDBD procedure, initially applied to concrete bridges (Kowalsky et 28%][ was
subsequently expanded to encompass rsplin concrete bridges yalvi and Kingsley,
Priestley and Cal\j231], Kowalsky[231,235], and Priestley and Cal\2B6]. This concept of
DDBD was also employed by Priestley and CaRa4], Priestley[237,238], Loeding et al.
[239], Priestley and Kowalsky2f0], Kowalsky p41], and Priestley442].

Many researchers have explored the application of DDBD to steel structures, particularly
moment resisting frames. These studies were conducted by Borzi and Elad3h&handler

and Mendis[244], Smith and Tso[245], Davisdonet al [246], Doherty et al247),
Christopoulus et a[68], Pampanirf69], Sullivan et al[231], Miranda and Lin 248], Yavas

and Saylanf249, Thomsen and Wallade5(, Park and Eomi251], Xue and Wy 252], and

Harris [253] A DDBD procedure for concentrically braced stieames was proposed

by Medhelar and Kennedj254], among other relevant studies to our resedfeh.and Seo
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[255] and Tsai et al.456], proposed a DDBD methodology for a concentrically braced steel
frame with bucklingrestrained braces.

Recently, many studies and research compared between both methods (FBD and DDBD) in
different structural systems. Muljati et f257], and Fox et al.458]tested a regular concrete
moment resisting frame and coupled wall structures, respectively. In the same context,
Vivinkumar et al259] and ElAttar et al. 7600 examined the reinforced concrete frame
buildings. Restrepo and Calj261] and Kowalsky [262] proposed comparable studies on
bridges structures. Goggins & Salawd@b 3] performed a comparison of DDBD and FBD

procedures for concentrically braced steel frames.

The strength approach relies on the initial elastic properties of materials, as proposed in FBD.
In contrast, he DDBD approach designs the structure based on the overall displacement
performance of both structural and retnuctural elements. To summarise the above, FBD and
DDBD differ fundamentally: FBD relies on force calculations, whi@BD utilises
displacement calculations. The preliminary guidelines of the FBD and the DDBD approaches
are given Figuré-1. The flowchart gives a general concept of the seismic resisting systems
that are used in lateral structural resisting systems. A DPRIBedure was developed by
Priestley{264], which relies on the initial period and strength of the members as the final results.
This approach employs an elastic displacement response spectrum corresponding to the
appropriate damping level. Priestley's method allows for the estimation of the period of an
inelastic system at a predefined ductility level. Consequently, the necessary elastic stiffness of
the members is calculated, and the members are designed to achieve the desired ductility based

on the stiffness of the inelastic syste264].

This chapter presents a methodology aimed at supporting the seismic performance ef the SC
CBF system by aligning with European seismic code standam®sents the flowcharts for
ForceBased Design (FBD) and Direct DisplacemBased Design (DDBDijnethodologies

for the SCCBF system. These flowcharts provide a detailed set of steps, offerinigiesaly
guidelines for constructing earthqualesistant structures with saléntring capabilitiesA

case studyour-storey structurés also presented, wiingrovides an irdepth evaluation of the
design procedures, effectively demonstrating the practinplementation of the design
methodologies. The DDBD and FBD approaches will be discussed along with its comparison

on SGCBF frame with seismic regularity. This comprehensive analysis and comparison will
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provide a deeper understanding of the design process, revealing Hsangiieg implications
for the SCCBF system.

Figure 6-1: General flowchart steps of the design procedure for the conventional and non-

conventional steel structural systems.
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6.2 Force Based Design(FBD) Procedure for Steel SCCBF

Structures
6.2.1 Overview

The Force BasedDesign (FBD) method is a widely used argimplified method in code
practicedor designing structuraa seismically active region¥Vhile sometimes conservative,

it provides valuable insights into the distribution of internal forces within structural elements.
By utilising this approach, dynamic analysis can be transformed into an equivalent static
analysis, simplifying the overall design procedufée FBD methodrelies on dynamic
properties of the structure, resng in stiffer and more conservative design solutiohise
allocation of ductility classes and appropriate behaviour factors needs to occur at the outset of
the design prs® while determining the initial stiffness and fundamental period of the structure

is a critical stepThe iteative nature of thelesign processwolves refiningdesignsto meet

initial design assumptions.

As the steel S€CBF system presented in this thesis is a novel system, it is important to develop
practical design guidance for engineers that fulfil the provisions in design codes. A FBD
methodologyfor steel SECBF structures, as per Eurocode283), is outlined in flowcharts
(Figure 6-2 and Figure 6-3) and further detailed in Appendix A.@ase study in Sectiof.5
demonstrateghis procedure stepy-step providing a practical guiddéor engineers and
industrial users. Figuré-2 gives all information about the analysis and preliminary design of

the selfcentring system that will be verified by the case study later in this chapter.

6.2.2 FBD Methodology for SC-CBF

According to the FBD method, the strength of the elements should be assigned at the beginning
of the design procedure as mentioned earlier. The FBD method depends on the calculated elastic
stiffness based on chosen member sizes to calculate the fundapeeittdlof the structure.

Then the designer uses the appropriate acceleration response spectrum to estimate the elastic
base sheaA behaviour factor is used tedue the design base shear (elastic seismic forces)

by accounting for the capacity of a structure to deform plastically and dissipate energy without
collapsing. As noted abovehe FBD methodologydevelopedor steel SECBF structures in

this current work is outlined in flowchar{sigure6-2 andFigure6-3) and further detailed in
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Appendix A However,the following paragraphs discuss some of the uncertainties associated
with determining some of the key design assumptions

The behaviour factor of SCBF systers is under significant debaté®riestley et al 17]
suggested a modification factor that influences the behaviour of theesgting system, which
decreases the q factor used in the FBD method. This modification factor decreases q to almost
half of the value of conventional systems for the same ductility level, which leads to the
increasing the base shear in the-GBF system. Additional research and investigation are
necessary to accurately assess the behaviour factor for toersigihg system, considering that

this system is a novel development based on a perforaesesl approach. However, in this

case study, a behaviour factor for thee-GBF system similar to that of the conventional steel
CBF system will be used.

In the FBD method, the fundamental period of the structure has a significant impact on the
estimation of seismic design forces on the structure. Few codes had differemofdimne
empirical formulas involwg variousparameters to calculate the periods of the strugtures
attempting to minimie and decrease the uncertainties between the actual and approximate
values of the structural periods. This estimation of structural period is important in seismic
design of structures, especially when the approximate empirical formulas give an underestimate
of natural periods of structure which lead to lower base shear force thactulévalue that

the structureexperiencesTherefore, it is worth noting that the natural period of theCBE

system will be less than that of a conventional CBF system, as the former exhibits more stiffness
due to the additional lateral pesisioning force. However, due to absence of detatledies

on this issue, the same formula and coefficients of the CBF systasedto calculate the
natural period of the SCBF system. Accordingly, the fundamental period of the structure is
6= %* 439 where the coefficient of empirical natural vibration pei(®@ is 0.05.That is

the SCCBF fundamental periodge estimated based on tygroximate empirical expression

from Eurocode 8. This is a valuable point to highlight, as the given value is only an
approximation, and the real period of the structure remains uncertain, particularly in both short
and long periods. This uncertainty introduces the potential for underestimation or
overestimation when using the Eurocode expressions. Further discussion and illustration on this

topic are essential due to the significant implications it has for accurately estimating base shear.

It is important to note that established codes such as UBC (Uniform Building Code), National
Structural Codes of Philippines (NSCP), New Zealand Standard (NZS), and National Building

-189-



Chapter 6. Conceptual Framework

Code of Canada (NBC@s mentioned by Fenwick and MacHR2a65] ,and Garrote and llumin

[266], provide a linear distribution with 10% of total base shear located at top roof level in order

to take the higher mode effects into consideration. Whilst the International Building Code
(IBC), Indian Standards (IS), Building Standard Law of Japan (BSLJ), and European Code, as
documented by Eurocode, Bose et al[267] and Dhanvijay et al.268], do not incorporate

any additional top forces resulting from higher mode effects. Thus, a linear distribution of the
base shear along the height of the structure it taken, based on the mode shape that takes a linear
horizontal displacement that increased along the height. The vertical distribution of the base

shear along the height can be given by Bose &6al}[

T ) 6.1
(& (K7

U

Where:

(= The total horizontal base shear force
(eThe horizontal force acting on storey E

| £ | £ The storey masses &tand | storey level

\E£ \¢ The heights of the masses; I Fabove the level of application of the seismic action

Figure6-2 andFigure6-3 illustrate the analysis and design steps of theCBE system based
on the ForceBased Design (FBD) method, uilig provisions from Eurocode 8. Figure26-
focuses on determining the base shear, Wigere 6-3 outlines the process for selecting the

initial brace sizes, ensuring compliance with the code's requirements.
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Figure 62: Analysis and design steps of the SBF system based on FBD method to
determine base shear utilising provisions in Eurocode 8.
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Figure 6-3: Analysis and design steps of the SBF system based on FBD method to

determine the initial brace sizes utilising provisions in Eurocode 8.

6.3 DDBD Procedure for Steel SCEBF Structures

Priestley et al.17,242,264] proposed a clear methodology of the direct displaceivesed

design (DDBD) method in order to overcome to the downsides of the FBD method. Priestley
et al. [L7] suggested a general philosophy for designing any structure through comparison to an
“equivalent” single degree of freedom (SDOF). The method starts by setiamgeted design
displacementThe yield displacement is then calculated and an equivalent viscous damping
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assignedThe effective time period is estimated from displacement response spectra and finally
the base shearceslculated from theecant effective lateral stiffness. The fundamental approach
of the design procedure for the DDBD method for$i&CBF system will be presented based

on the principles of this methods proposed by several authors of conventional CBF system
([17, 205,269, 270). Figure6-4 illustrates the schematic approach for the DDBD method as

documented in several research studies.

Figure 64: Fundamentals of DDBD adapted from (Priestly et al 2QQ7) (a) equivalent
SDOF ystem(b) effective stiffness and ductility) EVD vs ductility andd) design
displacement spectra.

Priestley et al[17], Sullivan et al[271] and Salawdeh and Goggin26f] proposed a simple

way to represent the effects of the higher modes on structure. Based on the equivalent lateral
force, the distribution of the forces takefnear pattern along the height of the structure. In
addition to that, 10% of the total base shedodsted on the top of the roof level in order to

take the higher mode effects into consideratidre remaining 90% of the base shear force is
distributed to the alfloor level including the top roof top floolLy, 242, 264, 272]
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Priestley et al. 17] first proposedah methodology scheme of the DDBD procedure for precast
concrete wall, while Salawdehet al [269] proposed the DDBRQlesign procedure of the
conventional CBF steel frame. Building on this, Figui® iBustraes the fundamental concept
of the DDBD design flowchart of the SCBF steel structural systemhere each step in Figure

6-5 is described in more detail in each of the following settions.

Figure 65: Preliminary design steps of DDBD method based on design displacement

approach method.
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It is vitally important to evaluate the bracing yield displacement before discussing and listing
the design steps of the CBF steel structure using the DDBD approach. In thish&tugneral
steps that wre presented in Wijesundara and Raj@a\2] areadopted in the methodology

The following subsections give details of each of the steps involved in the DDBD design

method of SGCBF steel system.
6.3.1 Yield displacement and ductility

In accordance with the assumptions of the sway mechanism and rigid body rotation, elongation
occurs in tension bracings, while shortening takes place in compression bracings due to lateral
displacement at each storey level. These assumptions are valuable and useful for evaluating the
yield displacement shape. Wijesundara and Rajgé®] pmphasised on two key assumptions:

the simultaneously yielding and buckling behaviour of the tension and compression braces,
respectively; and the Hinear behaviour of the force displacement curve of the concentric

bracing members.

6.3.2 Lateral deformation due to the axial strain of the braces

The first assumption of the yield displacement profile is based on the evaluation of the lateral
deformations of the diagonal braces subjected to lateral seismic force. It is assumed that the
yielding and bucklingof braces due to the tension and the compression forces of seismic
excitation occur at the same time at all storey lewetsch is a conservative approach. Figure

6-6 shows the lateral deformation and symbolic notations according to Wijesundara and Rajeev
[272] and AlMashaykhi et al. 73] Figure 6-7 illustrates the combined system of
superpositiorof the structural CBF system. This figure depicts the deformation shape of the

frame and brace subjected to lateral deformation due to the seismic excitation independently.

Figure 66: Lateral deformation and sway mechanism of the CBF sy§d&i#|
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a) b)

Figure 6-7: The deformation shape of the steel concentrically braced frame system due to
lateral deformation4) undeformed CBFRb) deformed framéc) deformed axial bracé)
free body diagram of deformed axial brace

6.3.2.1 Axial strain due to the yielding stage of braces
The main steps of evaluating the yield displacement of the diagonal brace as follows:

The axial brace deformatiory [t ith storey:

VY xUF cexom *-éxU 6.2

The deformed length of the tension bracing can be estimated by:

6 -~ .
S BOA il IR A Loyt e xR 6.3

Hence, Equation 6.3 can be simplified since the teﬁﬁséﬂﬁ:\] @Sg,ae;,tﬁ are very small
and can be disregardeal7b]:

2Y.% 6.4

) v
s >§U: @ | _ )
el T g & EToHd
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The interstorey drift ratio (IDR) based on the lateral deformation of the diagonal braces is:

~. . 6.5
§A|(-é>sU+ -éxCAFm

+ &4 F—

Dy tDy

6.3.2.2 Lateral deformation due to the axial strain of the columns

Based on the assumption of a rigid rotation joint at the storey, which results in axial
deformations in the edge columns, as depicted in F@8ret is simplified by considering that

the elongation and shortening of the end columns are approximately equal.

Figure 68: A schematic of rigid rotation joint for th® storey level due to the lateral
deformation. P72]

However, the yielding of the tension brace based on the rigid rotation is:

5 o KD+ UDe0_ éaiv 6.6
U™ $ DJ

Where:

& ¢ Yield tension brace due to rotation
UQs: Elongation of outer column due to tension force

UQys =Shorting of outer column due to compression force
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¢aiuYield lateral deformation due to the rotation

It is reasonable to assume the axial elongation of the left columns are approximately the same
as the axial shorting of the right column based on small deformation theory. Thus, the

deformations of the outer columns wiragid rotation is assuad becomes:

. . . 6.7
(s = U = Uy
Then, substitute in Eq @®:
5 = 2O 6.8
card 2P =JU 6.9
D= WY ey 6.10

The yield lateral deformation 34,;; due to the rigid rotation and based on the assumption of
equal axial deformations of tension and compression columns, the expression can be rewritten

as:

0y . : 6.11
lai & |@DQ‘F kY sQoP =J U

Where:
X s Axial yield strain of the column
U The ratio of design axial force to yield force of the column

The Usfactor is the ratio of the actual design axial force of the column and its yielding capacity.
According to AIS(276]and due to the lack of information about the behaviour of the column
subjected to large axial force, the oatif the Usfactor will not exceed the 60% of column
yielding capacity. Thus, the recommended value is still about 0.5. More investigation could be

useful to minimise the uncertaintiezrp].
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6.3.2.3 Lateral deformation due to the axial strain of the beams

The axial lateral deformation is a result of the axial strain in the beams due to thenpmst-

forces applied to the beam, which is induced by strands located at the centreline of the beam in
the selfcentring concentrically braced frame system. This, in turn, generates additional axial
forces along the beams both before and during seismic excitation. B§uprovides a
schematic representation of the axial deformation and lateral displacement resulting from the

axial strain in the beams.

Figure 69: The lateral deformation of the beam axial strain due to the axial force applied by

posttensioned strands.

. 6.12
eoier- KWY, .aM4 0

Where:
¢oje - Axial yield lateral displacement due to the axial strain of the prestressed beam
Y ,: Axial yield strain of the beam

Uk The ratio of design axial force to yield force of the beam (less than 0.1)

.6 ¢ The total length of beams (both spans)
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6.3.2.4 Lateral deformation due to the bowing effects of vertical loads (Gravity)

Bowing effects in structural analysis refer to the lateral deflection or deformation of structural
members, typically columns or beams, under various loading conditions. Bowing can occur due
to axial compression loads, and it's important to consider these effects in structural engineering
and analysis. Through this analysis, the effects of bowing might be able to affect the lateral
deformation of the system and, in turn, the overall lateral deformation. In this case, the yielding
effects of the axial elem&will be increased. Therefore, due to bowing effects, the yield
displacement must be modified for significant lateral deformation. Fi§tr@ provides a
schematic representation of the axial deformation and lateral displacement due to the axial

strain in beams resulting from the bowing effects of vertical gravitational loads.

Figure 6-10: The lateral deformation of the axial strain of the beam due to the bowing.effects

Figure 6-11 illustrates the free body diagram of the vertical deflection of the beams when
subjected to vertical gravity loads, which result from the bowing effects. All mathematical
calculations are conducted based on small deformation theory, allowing the axial shortening

and vertical displacement in the beam to be related using beam bending theory.

a) u b)
S

Figure 6-11: Free-body diagram of a beam segment carrying uniform load?7q’] (a)
uniform loading ) enlarged differential segment
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5 1
lmeugu tCo0sa BFQ@T 6.13

The following formula can be derived to assess the lateral bowing effects by substituting the
aforementioned concept and acronyms in various equations. Using Maple Software to solve the
equation at this point in the derivation procegsere Maple is a mathematic software that can

perform sophisticated and complicated numerical probl@7].[

) Vo1 7 6.14
s78 O%(Vﬁ) F& Fazh
= x lim

& e
S("38 057, %(VF%(\P)C

I+

R V

- FUN. /
I(L)\m5 |49m ROV 2.4 (D=HBBDAB P A C)Nusihty the Maple software in order to

evaluate the area under the function.

Thus, the yield displacement due to the bowing effeefs @) ¢

S7.8 57.8 6.15
2N V], Wx +o = 4'8W

The total interstorey yield displacement dtlevel ¢ s:
&5 iUt caiut COIEIT doaaayu 6.16

\'1 . . .o s6.8 6.17
6.6 BErp AR ool =36 KioY, .ol of mysx ..o

In order to evaluate how the system's lateral deformation is affected by the gravity loads on the
beam bowing,He lateral deformation is computed using the Eqgn 6riL¥he numerical case.
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The ultimate uniform loads subjected to 6.0 m one end span due to the gravity loads in this
instance are 34 KN/m, and the modulus of elasticity (E) is 200 &Rlamoment of inertial

+= 2.78x 10° 11 8(IPE220)as determined by the following calculations:

Where Lin m

a. R0
R 4.8%: 23x 10?9mm
As a conclusion, it is possible to ignore the effects of the bowing and sagging deformed shaped
due to the gravity and lateral loads this value izery small in comparison with the other

lateral deformation values due to the yielding of the braces and the column rotation effect.

Thus, theoverall lateral deformatioat yield can be estimated using the following equation:

a6 @pag Ay kJsYoDoP=JU 6.18
6.3.3 Design storey displacement

The simplified expression for calculating the design displacement, as proposed in various
publications, including Goggins and Salawdg?/9], Wijesundara and Rajeef272],
Wijesundara[205], Salawdeh and Gogging80], Priestleyet al [281] Moghaddamand
Hajirasouliha[282), can be expressed as follows. The design displacement is determined by
using the normaded inelastic mode shape and the displacement of the lowest floor level,

following the linear displacement approach.

The design storey displacementsiorey level can be obtained by:

. o C 6.19
Ues Whgp

Where:

¢o. The design displacement Btstorey
Us grhe inelastic mode shape tstorey
¢s The lateral displacement at first storey

W The first mode shape
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Based on the above description, the inelastic mode shape can be estimated by:

*U 6.20

4 * 6.21
Lgeagl*—upllF “p JR4

*
a 4 a

Where:

* & The total height of the building
* & The storey height at'istorey level
J: Number of storeys

6.3.4 Equivalent SDOF system evaluation

According to the fundamental procedure of the DDBD design method, the transformation from

an MDOF system to an SDOF system is of paramount importance. Wijesundara&2@bpl. [

introduced three assumptions for idsalj the equivalent SDOF properties, which include: the

harmonic response of the MDOF system, the equivalence of developed base shears in both

systems, and the equality of work done in both systems. The key steps for calculating the main

effective parameterfor the equivalent SDOF system are as follows:

x Calculate the design displacement.):

A o 622
tes | 0CU

x Calculate the yield displacemeny;(g:

A | el 6.23

Where:
&, @ The equivalent SDOF yield displacement
¢ ¢ The yield displacement af storey level
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x Calculate the effective mass §:

A wo 6.24
° o
x Calculate the effective height f:
. Afi-@ﬂ ek o 6.25
7 R s
las | WU

Where:

* & The effective height of the SDOF system
* o The storey height af'istorey level

6.3.5 Design displacement ductility

The equivalent ductility of SDOF system is the function of the design and yield displacement.

The equation of the equivalent design ductilitgaé be written as:

s 6.26
i, o

where 'p is the design displacement of the system gpds thesum of the yield displacement
of the CBF systemat each floor levelgiven by Egn 6.18)which takednto consideration the
inelastic and elastic behaviour of the braces and columns, respe@iyel\2[2, 280]

u v 6.27
e | ra s ~
a6 | @)—EJ D + kX sQoP = JA
Y@s )

6.3.6 Estimate the equivalent viscous damping (EVD)

One of the key factors of the DDBD method, unlike the conventional FBD method, is the
challenge and uncertainty in evalogt the ductility equivalent damping. The associated
equivalent damping shapes of the hysteresis response of the systems are illustrated in Figure
6-12.
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Figure 6-12: The hysteresis shape of the foedigplacement historfa) Rambergdsgood
(RO) shapé€b) Flagshaped (FS) shapfg283]

The formula foithe equivalent viscous damping is based on elastic and hysteretic damping. The
equivalent viscous damping values of CBF systems have been proposed by Goggins and
Salawdeh[279], Salawdeh and Goggin®79], and Wijesundara et al34], where the
equivalent viscous damping (EVD)y, is the sum of the elastiiamping, e, and the hysteretic
damping, nyst. The following equations are based on the design ductiRtyand non-
dimensional slenderness rati@Figure6-13illustrates different curves of equivalent viscous
damping, [eq, at several damping ratios. These graphs just givasarview about the pattern

of the damping ratios in terms of braces’ characteristics.
BE Bt FReeg 6.28

a , . ) 6.29
Ba.»- 003+ 1023 FEp(aFl), aQ2

a | 6.30
B .-~ 003+ 10.23 F1—5p, aR2

Where:

3B 1. »», EQuivalent damping of the SDOF system
d Non-dimensional slenderness ratio

& Design ductility
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Figure 6-13:The equvelent viscous damping versus lambda for given design ductility

Based on the fundamental procedure of the DDBD design method, the transformation of a
MDOF systemto a SDOF system is crucially important. Wijesunda2@4] proposed three

main assumptions for the idealising the equivalent SDOF properties: the harmonic response of
the MDOF system; the developed base shears are equal in both systems; the developed work
done in both systems is the same. Therefore, to estihat&WD for multisystems, a
combination or weightedverage rule can be used to combine the effects from the distinct
systems. It is important to determine the equivalent damping for combined SDOF systems
based on the proportion of performance for eactesysSullivan et al.[285]and Maley et al.

[286] point outthatwork-based approaches generally result in conservative results for mixed
systems. The EVD model for the SIBF system, which consists of both conventional CBF
and posttensioned strands, is a combination of straictural systems. This approach is in line

with the proposals made by Sullivan et #85]and Maley et al.Z86] to ensure consistency

in the analysis of the behaviour of the-SBF system. In the calculation of the EVD model for
conventional CBF, the process considers both the system ductilign@l the normaded
slenderness ( bf the brace member. O'Reilly et al][andMaley et al.[28§ suggested the

following procedure/expression:

_ B&iwd BGiwd ®F R s 6.31
B ——
8Oan(Wz
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Where:

& : Design base shear of system 1 within a combined structural system.
éwisEquivalent lateral displacement of system 1 within a combined structural system
8 : Share of shear force of system n within a combined structural system.

¢a . Lateral displacement resulting from applyingdh system n

év.- Total lateral displacement for the combirsydtem

8o = Base shear force for the combined system

Thereforethe SCGCBF system compriseof the CBF system and the pdehsioning system
that provides an extra energy dissipation response. The EVD expression fQBFIGccer)
consists of both the combined of the conventional CBF and thagrssbning systemd.he

following equation expresses the EVD of the-SBF system:

Bovin & Qun BynF iR 6.32
_ Al (8 b0t Al (8 cnbeiae 6.33
&1/4?1/4»6‘_ AC Yy
tas ©Odw

wherethe damping coefficient for pegénsion strands&g is set at 5%, based @'Reilly et

al. [1]. These coefficients encompass a range of critical parameters, including V (representing
the storey base shear)s &(indicating the frame shear resistance ratie);(denoting the PT

shear resistance ratio)ys@a€charactesing theequivalentviscousdampingof the braces), and
aes(representing thegelivalentviscousdampingof the postensioning system). A more in-

depth study or analysis is required to refine these coefficients and enhance the accuracy and
reliability of the design.

The typical value for the elastic damping ratio is 0.05, with most materials exhibiting elastic
damping values between 0.02 and 0.05. It is crucial thattpoesioned strands behave
elastically under strain elongation caused by lateral seismic deforsatiothis system's
hysteresis performance, there is no contribution from an energy dissipation coefficient. Post
yielding stiffness coefficient .j defines the post stiffness of the curve andxpressed as a
fraction of the initial elastic stiffness of the material behaviour. The range of thgiplolatg
stiffness coefficient is from 0.02 to 0.38epending on the hardening characteristic of the

material and degradation effects. Norear elastic systeshave been investigated by several
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pioneer researchers suchGwistopoulos et al9f], who investigaéd self-centring hysteretic

SDOF systems. Most of the researchers expressed the elastic damping ratio of 0.05 for the post
tensioned strands of the composite -selfitring systems. As a conclusion of that, the
recommended value of the pdshsion strands equivalent viscous damping radgqg) (is 0.05.
Figure6-14 illustrates different blinear elastic with no energy dissipation system for different

postyielding stiffness coefficient ratil7, 95]

Figure 6-14: Bi-linear elastic system hysteretic shape of fate#ection relationship[95]

6.3.7 Plot the elastic displacement response spectrum at 5% damping ratio

In general, the acceleration response spectrum can be obtainedEdrocode8, which

provides the details on calculating both the elastic and design response spectra, as discussed
earlier. An evaluation of the soil profile and the seismic risk category should be conducted in
advance. Following this, the response spectrum can be generated, taking into account the site
and ground response parameters. Subsequently, the displacement response spectrum can be
calculated by performing a double integration of the acceleration spectrum, as illustrated in the

equation below:

6.34

66
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Where:

¢9-. Response displacement at 5% damping ratio
= -: Response acceleration at 5% damping ratio
6 Natural period of the structure.

For the equivalent SDOF system, it is necessary to estimate the effective period of the structure

(6. Thiscan be estimated based on the following two steps:

a Plot the elastic displacement response of the structure for 5% dampingsaiidlined

above

a Plot the displacement response of the structure for calculated daratings outlined
in Section 6.3.8.

6.3.8 Plot the displacement response spectrum at different damping ratios

After the elastic displacement response at 5% damping ratio is evaluated in the fitstestep
different displacement curves are estimated using a damping reduction factor. Eurocode 8 in
2003 proposed a damping modifier of spectrum at several damping lekieds is recommend

by Faccioli and Villani[287] for elastic spectral displacement. This expression is provided to

present the scale for designing of highly damped structures responding elastically:

01 *° 6.35

Where:

4 : The damping reduction factor

&The equivalent viscous damping

Many researchers have adopted a similar methodology for calculating various spectra using the
DDBD design method. For structures responding inelastically, the equivalent viscous damping
and damping modification factor expression provide a better representation of displacement

responses. The improved modified expression for the damped spectra is as follows:
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0.07

4 = "——— RO0.55,where near D « feHtelctsare not expected 6.36
002+ &
4
007 469 3 6.37
= 02 + aeh ,where near b « Isifebwhere forward directivity is possible

It's worth noting that the influence of the ndéiald site is significantly reduced compared to
situations where nedield effects are not anticipated. Further discussion on this topic can be
found in Bommer and Mendi288]. In this study, Equation 6.36 employed to compute the

damping reduction factor for both conventional and-eseitftring concentrically braced frames.
6.3.9 Calculate the effectivgeriod

The effective periodTe, can be determined by using the idsadi displacement response
spectrum curve that was developed from the previous two steps that calculated the displacement
response spectrum based on 5% and the targeted equivalent viscous damping ratios that were
calculated Figure6-15 illustrates the idealised displacement response spectrum gureee

'p is the targetlesign displacemeraind ' . is the displacememelated to the corner period of

the spectrum, d 4 is the damping reduction factas given by Equatiod.36.

Figure 6-15: Displacement response spectrum for various equivalent damping. [&6@3
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6.3.10Calculate the effective stiffness of the structure

According to the DDBD method, which utilises the secant stiffness corresponding to the

equivalent SDOF systerthe equation of the effective stiffnessgs-given by:

4% 4 6.38
_QI %

The effective stiffness combined with effective period greater thashould be less than the

maximum effective stiffness, g ¢ 4

4% gy, 6.39
"galbe~ W_
@7

Where:

¢ The equivalent SDOF characteristic or “design” displacement to be used for design

¢y, v Spectral displacement demand at periedof the design value of equivalent viscous
damping.

6.3.11Calculate the design base shear force

The equivalent design base shear of the MDOF system is given by the formula:

&= -gin 6.40

Priestley and his colleagues suggested to increase the lateral seismic forces due to the second
order effect. The recommended increased value based on the DDBD design method is as
following [280, 281]

| » 6.41
8&_¢: % C(';l/z
@
However, the second order effects should be taken into consideration, by includigtig P
effects into the base shear calculations. The approach presented in the model code proposed by

Priestleyet alincorporates these effects as follo@8%]:
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Aé s 6.42
o= 9B
@
6.43
8= -gént &,

Where:

2. The total axial force at ith level of structure due to gravity loads during earthquake
* 5 Effective height
% P-delta effect constanwhere

%= 0.0 for all structures wit aDiL;< 0.05

%= 0.5 for concrete structures and any system with thinner hysteretic loops models
(Takedac or flagghape)

%= 1.0 for steel structures and any system with large hysteretic loops similar to the bi-
linear, elasteplastic or Ramber@sgood models, with large residual displacement.

In this case for the SCBF, the modified base shear is:

&= - @(',1/2‘*%; Céys 6.44

In addition to the mlelta effectsstability coefficient of the Rlelta should be evaluated for each

level of the structure according to the following expression:

26 ¢uF dipg) 6.45

206~ 8.60LF Do) <03

Where the value of the coefficientskaall not exceed 0.3.

In any cases, the base shear is limited to its maximum limit. As a function of peak ground
acceleration, the desigrased shear should be less than or equal to the elastic design spectrum
(PGA):

&oep Givt 8o, Q254 2)# gt 8, 6.46
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6.3.12Load distribution of the base shear -DDBD method

Priestley et al[17], Salawdeh and Goggif&69], and Sullivan and Feinf271] proposed a
simple way to represent the effects of the higher modes airtiture. Based on the equivalent
lateral force, the distribution of the forces taldisear pattern along the height of the structure.

In addition to that, 10% of the total base shear will be located on the top of the roof level in
order to take the higher mode effects into considerafibus the remaining 90% of the base
shear force is distributed to the #tor level including the top roof top floor. In this way, the

distribution base shear force at different levels as follows:

In case of floor number of 1 toh-

| o 6.47
(= Cooebgz— -G
(ap | UCU
Roof/floor n:
| e 6.48
(6= (1 F G 8oxt Boo=brz— 5 C
(ap ' UCU

G=09

x For the form’s plastic hinges over the full height of the structures (Frame structure and
CBF), G= 0.9

x Plastic hinges offering the main lateral resistance form at the base of the building (RC

wall structures) G= 1.0

I weo 6.49
(= (+ 09 (o
L@b

I veu
Where:

(= 0.1 (pat the top storey level and zero at all other storey levels. The rest of the base shear

will be distributed along the height of the building.
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6.3.13Brace ductility

Different authors recommend different formulas for predicting hollow brace rupture, but they
agree that global and local slenderness, as well as material grade, are key factors. Several
experimental tests have been conducted to determine displacemdiity dadhe referenced
articles. Loading is applied axially in tension and compression at the same monotonically
increasing amplitude. The ductility result of ttested material is based on the maximum
amplitude achieved before failure. Therefore, itasantension or compression measure; rather

it is an absolute value. There are some authors who have attempted to look at not only the
maximum deformation, but also the whole load history. They consider several parameters in

their studies.

Goggins et al[289] computed independent formulas for each parameter that influence the
capacity of their test specimens. Three properties influence the capacity of test specimens,
namely vyield strength, global slenderness and local slenderness. The authors provide
independat formulas for each parameter based on the test data. Nip2t7gR90]conducted
various tests on specimens with different cresstions, shape, and slenderness ratios.

According to their experimental program, they compared the parameters and material types.

This study emphasises the behaviour of carbon steel and staitdeksections that have been
hotrolled and coldormed. The authors developed a prediction expression for displacement
ductility that considers the coexistence of global and local slenderness as well as material grade,
as well as different sets of parameters based on the different types of materials. All relevant
parameters affecting the ductility capability of rectangular hollow sections have been
considered, in line with Nip et al217]. These variables, which include ductility and local
slenderness, are shown in formulas publidhedeveral authors as seermable6-1. All these

formulas are based drest fit curveswhich wereestablished through numerous experimental

testing, as illustrated iRigure 646 and Figure 4.7.
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Table 641: Different formulas of the ductility limits for several authors.

Shaback and Brown (2003) ductility Equati¢291]

Note

J,u= 1 (0.13,5+ 3,9

1, 7L 499

J, u: experimentally determined fracture life «
brace

J, 5 normalised deformation from axial yield
load of a memberL;/3 to the point of
maximum compressive deformation

J, ¢ normalied deformation from the point at
axial yield load of a memberlL;/3 to the point

a0es o TP B@m49 6 if AA ; . :
Yot e P56 (70)°, if = R70 of maximum tensile deformation
g 7C/A1 J, v ©¢ theoretical fracture life prediction
] a0e o |—’,q1_a—_’p BéA’MQ 499@,; 6 " AA % experimentally determined fracture life
QU &EF—QG g AL If 5 R70 constant
8 Pthickness of flange or tube wall
b: clear distance between webs, less the inside
corner radius on each side
d: outside depth of HSS
KL/r: effective slenderness ratio
Goggins et al.(2005) ductility Equatiof289 J.;: displacement ductility
J,= 224 F14(B F B saa)/ Baaa B: yield strength
J,=26.2 5%0.7 B aaa : nominal yield strength
3,= 29.1 F1.07 I—;o —?section widthto-thickness ratio
Tremblay et al.(2006]292
d%race slenderness parameter
Jg the maximum ductility in tension reached
J,= 24+ 8388 J+ Jo 36 compression ductiity
J,= 1.2 F4.15 58 J&.. isplacement ductility
> @ 25 a7 E;j ultimate r(?tanon .
Ey= 0.091 == p l—p >and @ the inner widths of the two faces of
_ PP E the rectangular section and
.4, . . KL/r: the global slenderness
B=2 o= SHRb= (Jo+ L FDHU t : the thickness,
B i : the radius of gyration
=—. E: rotation to oubf-plane
E B U,: brace axial deformation in compression
= |E = .= (Js+ I F1) U= (2JF1)—. the bar length pinnednd diagonal braces
6 . U: The elongation corresponding to tensile
J, = E— + 0.5 yield
4 B E: the modulus of elasticity

U: brace axial deformation at yield
B: yield strength

Nip et al(2010) ductility Equatiorf217]

Hot rolled carbon steel

Ji= 3.69+ 697 BF0.05(b/t ) FO.19( fi( + P)6
Cold rolled carbon steel

Jg= 6.45+ 228 BF0.011(b/t )-0.06(f}( + P)6> J
Cold formed stainless steel

Ji= F342+ 1986 BF0.21(+ P)OF0.64( B( + P)6

Jq: displacement ductility

J: ductility

b/t :crosssection slenderness
#: global slenderness
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Figure 6-16: Comparison of ductility results with the variation of the global slenderness
[217, 289, 293, 294]

Figure 6-17: Comparison of ductility results with the variation of the local slenderf2sg,
289, 293, 294]

6.3.14Direct Displacement Based Design (DDBD) Procedure (Methodology)

The Direct DisplacemerBased Design (DDBD) methodology serves as a design strategy
aimed at determining the required strength of various structural systems. Its primary objective

is to ensure the achievement of a specified performance state, charabtepsediefined drift

limits, when subjected to a designated level of seismic intensity. In the course of employing this
design approach, the fundamental base shear demand necessary to withstand seismic forces
acting upon the structures can be established.

The DDBD methoebased seismic design process that follows is explained in an understandable

and simple way, with a particular emphasis on the displacement approach. The distribution of
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loads along the building's height is also considered after determining the base shear. As shown
in Figure6-18, this process entails replacing the MDOF system with the SDOF systela,

adhering to the strict DDBD method requirements.

Where:

A, Pesign Displacement

* 5 Effective Height

| 4 Effective Mass

&,y Yield Displacement

- g. Effective stiffness

6y: Effective period

& The EVD of PT (5%)

®Bypy, » 5 EqQuivalent viscous damping

Figure 6-18: Substitute structure of the muhtagree of freedom for the DDBD design
procedure

The key differentiating feature of the STBF system compared to thenventional CBF is its
inherent capability for DDBandthe incorporation of a suitable Equivalent Viscous Damping
(EVD) model for SGCBF system. It's important to highlight that there is no specific expression
available for the EVD of the setfentring CBF system, which allows the -8BF to naturally
reposition itself after undergoing lateral displacements during seismic events. The remaining
steps in the DDBD procedure align with the approach described by Wijesug@ajaThe
base shear for the equivalent system is determined using the same methodology. Subsequently,
the SCCBF system is designed and detailed similarly to a related paper by O’'ReillyLgt al |
In this process, the forces and displacements for th€BicCare obtained using the cebased

equivalent lateral force procedure.

Figure6-19 outlinesthe DDBD methodology, which follows an iterative design approach. This
flowchart offers a breakdown of the sequential steps, offering engineers a straightforward and
accessible framework for designing earthquedsastant SECBF structures through this
approach. The design process of DDBD, as developed within this studgsajopSCCBF

steel structures controlled by linear combined systems of Equivalent Viscous Damping (EVD).
As depicted in Figure &9, the design procedure of the DDBD method, adopted in this study,
presents a clear step to assess the base shear of teensa@iig system using a direct
displacemenbased approach.
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According to Wijesundarf205], the expression for braces is derived faralues between 0.4

and 1.6. Fobraces with values outside this range, Wijesundara suggested using the limit of
either 0.4 or 1.6 fofin ductility equations. However, Salawd&®p]demonstrated that a more
accurate prediction for the EVD can be obtained without imposing these limfig barefore,

in the previous O'Reilly et all] andthecurrent study, no limits were imposed &rThe main

point highlighted byO’Reilly [168 wasthat due to the combination of both CBF and PT
systems in SE&BF, the EVD model needs more investigation to consider the combined

response of these two structural elements.

The procedure for DDBD is portrayed in Fig@&9, wherein a target displacementd) and

the effective stiffnes@Ke) of the structure have to be determined in order to calculate the base
shear deman(\/b). The procedure described in Wijesundara eta@5]and O'Reilly et al. 1]

have been adopted in this study. Here, first it is necessary to determine the parameters of the
equivalent SDOF system (, ;, | gand * z where these are the target design displacement,
yield displacement, effective mass and effective height, respectively, as defined in Equations
6.22-6.25, respectively. The structure is designed for a target displacemgft ,,= ; x J,

where, ; s the equivalent yield displacement at each sfavkich is calculated based on a
tensile brace yielding and a rigid rotation of the connection resultinghamtening and
elongation of the outer columns of the frame as given by EquafGrand as the equivalent
displacement ductility as illustrated inFigure 6-19. The target displacement value
corresponding to the ‘damage control’ limit state is used in the design. The estimation of the
equivalent viscous damping of the systenis established based on the ductjiaich is given

by Equation6.33 and discussed in detail in Section 6.3.6. Then, the effective time p&fjod (

of the structure is computed using the displacement response spectra generated for the estimated
damping level and target displacemeas outlined in Sectiof.3.9. Subsequently, the obtained
6zandme values contribute to the calculation of the effective stiffnegk ¢f the structure, as
outlined in Equatior.38 andshown in Figuré-19. The total base shear, representeddhys 8
determined through the formula 8 - Ax (b when secondary effects are ignorédllowing

this computation, the estimated base shear undergoes an increase owing to the significant p-
delta effectas described in Secti@3.11. The distribution of the base shear among individual
storeys is inversely related to their respective hejgig®utlined in Section 6.3.12. Finally, a
comprehensive assessment of structural stability is conducted, encompassing considerations of

instability factors as depicted in Figurel8-
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Figure 6-19: Analysis methodology flowchart of analysis steps of ste€@ B system based
on DDBD method
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6.4 Seli-centring CBF SystemResponse

One of the early instances of employing partially debonded prestressing tendons in precast
concrete frames was pioneered by Priestley and J@lo Their research approach was later
confirmed through experimental investigations by Cheok and [Bdyv In this project, pre
stressed strand systems were sgdito restore the structure to its original position after seismic

shaking, effectively eliminating any residual drift.

Initially, Priestley and MacRa§296] developed a pogensioned precast concrete system
(precast concrete beamolumn joint subassemblage)lhe experimental tests confirmed the
hysteretic sefcentring behaviour of the joinNumber of reinforced concrete frame systems
conducted by several scholars, for exampleSkgikh et al. 28], Morgen and Kuramg29],

Cai et al. P97], Lu et al. P99 led to sgnificant advancments in selcentring systems in the
early 1990s as part of the PRESSS initiative. Thiscgitring concrete frame and wall systems
were developed by incorporating unbondedpessioning (PT). This combination allowed the
system to integrate the enerdigsipating characteristics of the concrete system with the elastic
restoring force provided by the PT arrangement, resulting in a distinctivestitgupd’

hysteresis loop, as depictedrigure 620 [1] .

Several researchers studiedsmhtring concentrically braced frames (88F) that employed
a vertical joint with unbonded petgnsioningstrands. Several studies and descriptions have
been published concerning the -8BF system, preserving the rocking connection at the

foundation base of the structuseich asn Roke et al.$2, 53]andSause et al54, 55]

Figure 620: Hysteresis behaviour of the sedntring system rule§l]

The SGCBF system holds the potential to enhance the safety, longevity, areffectiveness

of structures in seismically active regions, offering a promising solution for constructing
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earthquakeesistant buildings that can better withstand the challenges of seismic activity while

promoting sustainability in the built environment.

The concept of a singlgtorey SCCBF, proposed by O’Reilly et all], is depicted in Figure

6-21. It gives a dual system of conventional CBF that dissipate earthquake eneegsetnd
centring system. The main differences between the conventional CBFs a&@BF3Care in

their connection types and the use of gestioned strands. In SCBFs, columns are pinned

at the base, and beams are connected to columns via rocking connéltieses rocking
connections enable the beams to rock against the columns, protecting them from yielding. By
incorporating postensioned strands, the gap openings in the rocking connections can be closed
by the force of the strands, effectively-aentringthe frame back to its initial position. In
previous studies, both cyclic pushover tests, as detailed by O'Reilly and Gddggfiharid

shake table tests, as described by Goggins ell2B] jvere conducted to characterise the

seismic behaviour of the SCBF system.

Figure 621: Concept of SCBF adapted from O’Reillyf1]

Researchers have dedicated extensive efforts to investigatr@BEGystems, examining
various joint configurations. Roke et &2], along with Sause et 4b4], Sause et aJ55], and
Kowalsky [299, investigated into different SCBF setups that maintained a rocking
connection at the structure's foundation base. These configurations employed vertical joint

arrangements featuring unbonded gesisioning strands.

In contrast, O’'Reilly and Goggin&§] and Goggins et al5[’] introduced an innovative SC
CBF system that incorporates horizontal joint connections in combination with unbonded post
tensioning strands. These studies aimed to investigate and enhance the performa@Bfof SC
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systems, designed to restore their original positions after seismic events. Therefore, managing
horizontal rocking joints is generally easier than addressing vertical joints that facilitate rocking
at the base of a structure. The difficulties associateéd analysing and designing rocking
connections at the foundation base add to the overall challenges in this regard. This design
objective contributes to boosting the overall resilience and effectiveness of structures when
faced with seismic forces.

O'Reilly et al. [1] in particular provide valuable information on the hysteretic behaviour of SC
CBF systems and propose clear guidelines for the design process of these systent2Eigure
illustrates the flagshaped hysteresis behaviour demonstrated by the combined system of the
Concentrically Braced Frame (CBF) and Postsion (PT) strands that constitute the GBF
system

Figure 622: The behaviour factors of a novel sedintring system of steel SIBF frame
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6.4.1 The SGCBF hysteretic behaviour

When alarge enougHateral forceis imposed on the SCBF system,he PT strands are
elongatedvhenthe bearrcolumn connection gap is opened. The dynamics of the system are
examined in terms of hysteretic behaviour, with Fig@&23 showing an illustrated
representation of the combined responses of the individual components of the system. This
shows how the combination of brace response to lateral load and the frame's bilinear elastic
response due to rocking behaviour leads to thgsthaped behaviour seen in sedintring
systems. However, in order to achieve this type of behaviour, a significant assumption must be

made about the member's compressive resistance in comparison to its tensile capacity.

O'Reilly and Gogginsl66] present valuable insights into the hysteretic behaviour eEBE
andprovideclear guidelines for the system's design process. FégeBelepicts the flagshaped
hysteresis behaviour exhibited by the combined system of CBF and PT Strands that forms the
SCCBF system. As shown in FiguBe23,the hysteretic response of the fisigaped system is

a combination of the individual components. These components include thelédocmation
response of the braces for both compression and tension sides, as well as the bilinear elastic
response of the PT system. The end result is a uniquestHgeed' hystretic loop, a defining

characteristic shared by all sentring systems.

Figure 623: The flag shaped hysteresis rules of theCBE system.
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6.4.2 Initial and maximum posttensioned (PT) force of strands

As there is no codified approaah determine the initial and maximum pastisioned (PT)
force of the strands in the STBF system, it is important to reflect approaches and findings

in the literature.

Ricles et al. 47] proposed a steel momersistingframe with postensionedconnections.

Four levels of high-strengthstrands were used to form the ss#htring connection. They
performedananalytical model in order to comparenith the real experiments. In the test, five
specimens were tested, most of pesisioned connections accommodated 35 % of ultimate
tensile strength as initial PT forces. The analytical frames used the total initié¢psistied

forces of a range of 0.33 to 0.35 of ultimate stratnidngth. Ricles et al9#] conductedan
experimental evaluation for seientring moment resisting frames. They tested nine specimens
of connections that accommodatet angles and the strands were placed at four level of beam
depth and ran freely alongside of the beams. They used different values of initial pretension
forces; four values were 0.3#4hile the average of nine specimens were 0.35 of the maximum
tensile strength. In this experimetite maximum postension forces resulted during the tests
reached 0.54 of the strand’s capacity. Garlock e®al. gerformed an experimental study of
selfcentring moment resisting frame connections. They tested six specimens that
accommodated initial posensionforces ranging from 0.25 to 0.72 of the ultimate strength of

the strands, with an average of 0.43. The average maximum they recommended that for all PT
forces induced during the tests was 0.6 of the ultimate tensile force. However, the iniial post
tensio forces must be small enough, so as to avoid the yielding of the strands and to avoid the
local buckling of the beam flange. In addition to that, they demonstrated the effects of the
number of strands. Two advantagesh&fincreased number of strands were achieving greater

strength and greater deformation capacity.

Sause et al4P] developed a performandased design for setlentring concentricalipraced

frame (SCCBF) systems. The vertical s@&éntring rocking behaviour at the base of columns

was adopted in this system. All these frames empla9@tlof ultimate strength for initial pest
tensionforces in the strands. This study presents the subsequent losses due to the yielding stage

of PT steel strands at life safety performance level of the design stage.

Faggiano et al.300] developed numerical model of pdehsioned energy dissipating (PTED)

beamto-columnconnection in order to investigate the smdhtring behaviour of steel moment
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resisting frame. They used high strength PT cables. The initiatgqresbned forces were 0.38

of thetensile strength of the PT bars. The results emphasised the necessity to maintain the elastic
behaviour of PT strands during the response. Ricles &(dl] developed a selfentring steel
momentresisting frame for a damadeee seismic resistant building. They used a range of
initial PT forces from 39% to 44 % of the ultimate strength of the stands. The maximum PT
force is 0.65 of theltimate tensile strength of cables Under the seismic excitation. This value

is observed in order to maintain the elastic behaviour of thetgsioned strands.

Chi and Liu[302] examinedthe experimental and analytical seismic response of a post
tensioned base connection. This system proposed a PT column base connectiaeofrsejf
moment resisting frames in order to eliminate the structural damage due to the significant
seismic excitatin. They performed eighteen tests using different initial -pestionforces
ranging from 13.3 % to 48.1% with awverall average of 24.7 %. Some losses of the PT total

force were noticed during the tests due to the inelastic deformation of the bars.

Moradi et al. BO3] developed a finite element model of ptesisionedsteel beartolumn
connections. They developed a connection model in order to verify. The results of the
experimental tests that were conducted by Ricles e94]. The average PT initial pest
tensionedorces were 0.35 of the maximum tensile strength of the strands for the five specimens
of experimental tests, while the average was 0.4 for eight simulated models. The results showed

good agreement with the experimental tests.

Chowdhury et al.304] presented a feasibility study of using reduced length of superelastic
shape memory alloy strands in ptastisioned steel beaoolumn connections. Four high
strength steel strands were used in these tests. They studied the effects oftdmesiormsd;

the initial posttensioned force and the length of PT strands. They used the initiéps&ined

force of 34% of ultimate tensile strength. They studied the effects of usimgtiah post-
tensioned force of 10 % and 25% of the strand’s ultimate strength in two independent
connections. Of the two PT values, the lower initial ftessioned force test showed
inappropriate results for the ped#compression stiffness and momersising capacity. On

the other hand, reducing the PT stands length by around 30 % showed a significant increase in
postdecompression stiffness and energy dissipation capacity and about 5% increase in the
moment resisting capacity of the connection. The decrease in strands length induced higher

stresses causing of PT stands to yield and produce plastic deformations in the beam flange. The
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more important effeadf the shorting of length PT of cables was the poor behaviour stthe

centring system.

Zhang et al[305] presented a prefabricated beam column connection with short strands in self
centring steel frame. Eight specimens of prestressed strands were tested. The initial
posttensioned forces increased from 0.25 to 0.3 of the yielding capacity. The results showed
that the maximum forces induced during the tests were between 0.70 to 0.7 ¥iefding

forces of the strands.

Zhu et al. BO6] presented a novel satentring circular concretilled steel tubular columio

steel beam connection with web friction device. The PT strands consisted of two cables located
at the top and bottom beam with a maximum yielding strength of 1860 MPa. They tested three
specimens with PT force of 0.43 average of its tensile strength. The results showed that larger
initial posttensionforces anda higher number of strands could improve the-selitring and

energy dissipation capacity, but on the other hand, starting with very high PT for a (0.43) leaves
no sufficient margin for yielding, which is an important factor to make sure that PT strands

remain elastic.

Chen et al. 307] proposed a numerical model of se#fntring beantolumn connectiong he
numerical modelvasverified by tests conducted by Ricles et &][ The initial posttensioned

force was 0.34 of the tensile strand’s strength. In this study, they used three different
posttensionforces: 0.2, 0.34, and 0.56 tensile in order to study the effects of the initial post
tensioning forceThey found that higher initial PT force enhanced the energy dissipation and

delayed the gappeningbehaviour

Christopoulos et al30g developed a selfentring moment resisting frame utitig energy
dissipation bars. They investigated the performance of thetgqesbned energy dissipation
connections (PTED) under seismic excitation. Christopoulos in his {l2d&discussed the

initial posttension forces and stated that the logical ranges oftgosion forces are from8%

to 24% of the maximum yield of the strength’s strands. Moreover, he added the reasonable
value of thanitial posttension force is 30 % of its ultimate strength for n@ment resisting

frame. All these values are good poifasstarting with typical span lengths. They empsesi

on the elastic behaviour of the strands at maximum drift ratio.

O'Reilly et al. [1] introduced the lateral displacement phases of theeatfing system along

with the stiffness of the frames, all of which were defined within their design procedure. A
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concise outline of the setientring stages based on O’Reilly etighjork is presentesh Figure

6-22.. In the horizontal configuration, a péshsioned strand was utilised along the beams, as
previously discussed. In their investigation, O’Reilly and Gogdif$ysed two initial values:

24% of the ultimate strength of the strands' capacity and 7% of the beam's axial yield strength.
These values were compared through experimental and numerical models, showing a positive

and good correlation.

Selecting the appropriate initial pdstasioned force is a critical aspect of structural design,
influenced by various factors. Many research studies suggest assigning approximattaiglone

of the ultimate capacity of the strands initially, reservirggrdgmaining twethirds for the final

design stage, with a suggested starting point falling within the range of 20% to 30% of ultimate
strength. The decisiomaking process should take into account various factors, including
maximum design drift ratios, threcceptable level of residual deformation, the capacity of the
strands, the length of spans and strands, the beam section's size, potential sagging effects of
strands, stress relaxation characteristics, and even the possibility of human installatipn errors
including reliability factors. Careful consideration of these elements is essential to ensure the

structural integrity, safety, and performance of the system in response to seismic forces.

Based on the comprehensive review outlined above, one of the paramount considerations in
structural design is preserving the elastic behaviour oftpastoned (PT) strands, especially
following severe seismic events. To achieve this, it is crucial not only to select an appropriate
initial PT force to support the structylait also to ensure that the maximum PT forces induced
during an earthquake remain below 0.75 of the ultimate strength of the strand's capacity. This
essential factor plays a key rolenmaintaining and preserving the elasticity of PT cables and
protecting their strength capacity both during and after seismic excitation. By adhering to this
guideline, structural engineers can enhance the resilience and performance of buildings in the

face of seismic challenges.

6.4.3 The design steps of a self-centrimgncentrically braced frame (SCBF) system

Figure 6-24 presents a flowchart that outlines the sequential stepghéoseismic design
methodology of the Steel Selfentring Concentrically Braced Frame (8BF) system. This
procedure aims to guide the design of earthquekistant structures that employ sethtring
principles. Following the determination of demand bdseas using either the For&8ased

Design (FBD) or DeformatieBased Design (DDBD) methods, the initial sections of the
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conventional system integrated within the smlhtring CBF are proposed. The DDBD
approach is favoured for its ease of application and perforntzs=z nature, while the FBD
method relies on structural dynamics and often yields stiffer and leseffansive sections.

The forthcoming case study will provide concrete evidence of the rigorous outcomes achieved
through the utilisation of the DDBD method. Fig@4 illustrates a comprehensive design
procedure for the setfentring system, incorporating conventional braced frame components

and a postensioning system.
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Figure 624: Seismic design methodology flowchart of the StedlBEsystem
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6.5 Case Study

This section describes the design procedures of theeifing concentrically braced frames
(SG-CBF) based on botHorcebased desigrfFBD) and direct displacemebaseddesign
(DDBD). These design procedures of the FBD and DBDD methods are baketocode 8

[232] and Eurocode 3P9]. The FBDmethod utised is outlined in Section 6.2 and Appendix

A, while the DDBD procedure is outlined in Section 6.3. In the following subsections, the case
study 4-storey building and the seismic actions are described, followed by results and
discussions from the analysis of the case study building using both the FBD and DDBD
procedures. This section concludes witlhh comparative analysis of their performance using
SCGCBF models, employing both the FBD and DBDD methods.

6.5.1 Building description.

Figure 6-25 illustrates the details geometries of thian and elevation of the fostorey
building. A building system with a square plan of 24 m x 24 m agdieal storey height equal

to 3.2 mis considered in this study. For the@BF system, the lateral force resisting frame is
placed in the exterior middle of the perimeter of the plan as indicated in Bigiréa). The

interior frames are assumed to be gravity frames and their lateral load resisting capacity is
neglected. Symmetry in plan and elevation is imposed in order to regrina torsional effects.

All braces in the structural systems are connected to the flange of the beams in order to provide
lateral resisting action. The weight of the slab, finishes, partitions, claddings and EM equipment
are included in the persistent ttsaand form a uniformly distributed load of 6.4 kN/amd the
imposedoad is 3 KN/nt taken according to theufocodel[310]. The main structural elements
(beams and columns) were from S355 steel grade. S275 steel is used in the gusset plates, while
S235 steel isised in the bracing members. All steel grades comply with European Standard EN
102194 [152] and EN 1002% [151] standards. All braces shall be satisfied and designed
according to Hrocode8 [232] The sections are to be Class 1 with a slenderness rdtio a

Brace members were chosen carefully to represent the design values asaslpeslyible, as

the purpose of this design is to verify the design methodology, where the maximum brace

overstrength factor, i, was 20%.
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a) b)

Figure 625: (a) Floor plan of the archetype building of ®&BF system (b) Elevation view of

the SCCBF building (dimensions in millimetres)

6.5.2 Seismic Action

The office building has been assigned in a high seismicity zone (Type 1). Type C class site
classificaton according to the soil investigation and geotechnical study of the construction site
based on the soil classes of H€8,[232]. A reference peak ground acceleratieg § equals

to 0.3g is considered, where g is the gravity acceleration that equals %8Aandsding to the
building function, the importance factor is 1.0, according to the Table 4.3 of[E&H, The

building is located on a type C soil profile classified as medium stiff soil. Type 1 elastic response
spectrum for this analysis hdmeen chosen with aforemerted PGA. The design basis
earthquake (DBE) corresponding to the 10% probability of exceedance in 50 years has been

targeted in this case study.

Two-dimensional planar approach can be used according to the code, since this building
satisfies the conditions of Clause 4.3.1 of EE®]. In multi-storeybuildings the columns are
assumed to be continuous through each floor and pinnedfauti@ation level. The masses of

the floors assumed to be lumped at the floor level. Factor q of diagonal concentric bracings the
behaviour is equal 4 for moderate and high ductility (DCM & DCH). The fundamental period

of the fourstorey building based on Clause 4.3.3.2.2(3) of EC8 (2005)efresents the
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approximate period of the structure is 0.34 sec. Where%he 0.05 (Clause 4.3.3.2.2(3) of

EC8 [R32) and the total height is 12.8 meters. The parameters for the elastic and design
response spectrum based on the site conditions and hazard levelai@2] Tc = 0.6, To =

2.0, S = 1.15 (soil factors from EC8R3JZ. Figure 6-26 shows the design spectrum and
displacement spectrum of the se#intring concentrically braced frames where the behaviour

factor q is 4 as earlier discussed.

a) b)

Figure 626: (a) The response spectrum of elastic and desipSpectrum displacement

response

6.5.3 Results and Discussions (FBD)

The exterior frame of the SCBF system and the lateral distribution seismic forces are shown

in Figure6-27 based on linearly fundamental mode shape. The total seismic base (& gsar,
2314kN calculated based on EC237. The primary lateral forces occurring during seismic
events are effectively managed by a conventional CBF system, accounting for 60% of the total
demand. While the rest of the base shear force demand goes to the PT systeisTiiteuted

forces and dmand base shear at each floor and for eaclEBE frame are shown ifable6-2.

It's noteworthy to highlight that the initial assumption regarding the contribution of shear
demand from CBF frame was originally set at 50%. The results, which include the sections and
self-centring parameteraredetailed inTable6-6. The choice to revise this assumption to 60%

for shear contribution was made in response to identified limitations in the capacity-of post
tension strands. This adjustment was guided by the design flowchart, which illustrated the

potential consequences wfintaining the initial assumption.
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system (ki=60%).

Level, i Height(m) Mass,m 4 myZg4 Fq(kN) F Vg Kg
(tonnéfloor) (tonne) (kN)
3" floor 12.8 214.53 2746 555 56.68 555.44 0.6
2" floor 9.6 214.53 2060 416 42.51 972.02 0.6
1t floor 6.4 214.53 1373 277 28.34 1249.74 0.6
Ground 3.2 214.53 686.5 138 14.17 1388.61 0.6
Sum 858.12 6865 1388 141.69

The storey shear at each floor is entirely resisted by the diagonal braces ignoring the
compression side of the resisting braces. Thascsnservative assumption according to EC8
[232] Therefore, the axial force thdévelops in the diagonal brace is the horizontal shear at
each floor divided by cosine of the angle of the brace. As recommended by tHeF;8
Wijesundargd311], Salawdel200], O'Reilly[168], and O’Reilly et al.312], all braces sections

are selected in Class 1 and the normalised slenderness ratios are with range from 1 to 2. Thus,
to check the adequacy of the selected braces sections. The design ductility should be less than

the total ductility fractures;obtained from Nip et a[217] Table6-3 provides information

about the storey shear and specifies the appropriate brace sections that satisfy the necessary

base shear.
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Table 63: Calculation of brace axial forces and the design of brace element

Level Fg Vg Nip,g Proposed area Section Real
(kN) (kN) (kN) A (cm® Size A-(cmb

3 floor 555.44 555.44  694.30 29.54 100x100x10 34.93

2" floor 416.58 972.02  1215.03 51.70 120x120x12.5  52.07

1stfloor 277.72  1249.74 1562.18 66.48 150x150x12.5  67.07

Ground 138.86  1388.61 1735.76 73.86 150x150x14.2  74.97

Sum 1388.61

It is necessary for the maximum brace overstrength to be no more than 25% in order to
maintain the strength distribution of diagonal bracesble 6-5 depicts the values of the
normalsed slenderness ratio and the overstrength values for all sections. As can be seen from

the tableaf between 1.3 and 2 that satisfies the Eurocode assumption.

Based on initial beams and columns sections that are designed to behave elastically and the
braces elements to behave as dissipative elements in the structure. For simplicity, the elastic
displacement can be found using the nonlinear SAP2000 by CompudeBiractures J13

in order to measure the lateral elastic deformation for each floor. To obtain a conservative
estimate of the elastic lateral deformation in the frame, connections between the beams and
columns may be assumed as hinges ahttial stage of excitation. For simplicity, the SAP2000
software is used to evaluate the elastic lateral displacement.

3 i effects were specified according to E@82], the interstorey drift sensitivity coefficient
amay take into consideration amplifyitige seismic storey shear by a factosof, , In order

to evaluate the interstorey drift sensitivity coefficientf &he system according to EC23F]
suggests that if 0.1 <~ theP- Geffects may approximately be considered by multiplying
the relevant seismic action effects by a factor equal to 1/ (1 Fhe maximum acceptable
value of the coefficient is 0.3. The values of the sensitivity coefficient are less than 0.005 for

all storeys as can be seefable6-4, 2 it is no need to take the 3 éffects into consideration.

Table 64: The calculation of the interstorey drift ratio and stability sensitive coefficient of the

CBF.
Level Height Massm, Prot dr Shear a
(m) (tonndFrameé (tonng (m) 8(kN)
3 floor 12.8 214.53 214.53 0.0196 555.44 0.0023
2" floor 9.6 214.53 429.06 0.0236 972.02 0.0032
1stfloor 6.4 214.53 643.59 0.024 1249.74 0.0038
Ground 3.2 214.53 858.12 0.0252 1388.61 0.0048
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The overall brace sections of the-8BF system were determined using the FBD method in
Figure 6-2 and Figure 6-3, with the assumption that 40% of the base shear is resisted by the
posttensioned strands system (i.ex K 0.4) with the remainder resisted by the CBF frame.
Thus, the combined system of the smdhtring concentrically braced frame sustains to resist
the total base shear under the joint rocking assumJtaine6-5 gives the details of the braces
that used in each storey level.

Table 65: Section sizes, design capacity, and slenderness ratio of the selected braces

Level,i Section Size Real a8 Oz y X (4
#oa (219 (kN)

3 floor 100x100x10 34.93 1.99 820.86 1.18

2" floor 120x120x12.5 52.07 1.67 1223.65 1.01

1%t floor 150x150x12.5 67.07 1.30 1576.15 1.01

Ground 150x150x14.2 74.97 1.32 1761.80 1.02

Taking the values fromiable 65 as inputs into the flow chart in Figure26and Figure &.the

capacity design of the critical structural elements in theCBE can be checked. Some initial
assumptions for parameters of the system were first made, as shown in6F2gamd Figure

6-3. The PT elements were designéth a yield stressf§p) of 1770 MPa and modulus (Ept)

of 195 MPa. The initial PT force applied to the strandg)®&s assumed to be 0.B%¢.Apt,

where Az is the crossectional area of the pesnsioned strands. Assuming pinned
connections at CBF, the beams and columns were found to have adequate capacity account to
Clause 6.7.4 of @ocode8. The initial crossectional area of the pegnsionstrand (Az) was
assumed to be 0.05A (given in Figures-24) at each floor level. The actual PT strands selected
consist of a/-wire standard strand with1b.2 mm nominal diameter. The nominal area of the
strands is 139 mfi{314]. The PT forces that developed due to the target lateral displacement

at each floor level are listed Table 66, where the shear resistance capacity of the PT strands
VirdpTis evaluated to be checked against the demand shear forces of the strands. Ensuring that
the design force in the PT strandgg)Tdoes not exceed 75% of the design capacity of the PT
strand (Pka) is crucially important, which was checked as per tbwd¢hart inFigure6-24. As

a previous step to check the maximum capacity of thetposton strands, the characteristic
behaviour relating to a flaghape is confirmed by subjecting the storey shear force at storey i

and a lateral frame displacemeny (Viep,s) to a value exceeding zero.
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Table 66: Sections and drift limits of orstorey building for SEBF system using FBD

method.
Level, i Braces Beams  Columns PT ForcekN) No. of Strands Drift (%)
3rd floor 90x90x8.0 HE500M HE400M 730 14 25
2nd floor  150x150x8.0 HE700M HE400M 938 12 25
1st floor 160x160x10 HE800OM HE400M 1070 14 25
Ground  140x140x12.5 HE800M HE400M 1195 16 25

Subsequently, the PT forces exceeded 0.75% of the strength design capacity of strands, the
updated process igquired in this phase of the design process. These updates are explained in
the flowchart Figure 6-24) and can involve either increasing the cresgtional areas of the
strands or decreasing the shear contribution of the strands. From practical point of view, it is
not recommended to increaamea of the podension strand (A) beyond 5% of the beam's
crosssectional area. Consequently, an updated valuggdsecomes necessary. This change
leads to a reduction in the shear resistance provided by théepei&ined strands system,
shifting from 50% to 40% (i.e., =0.4). The recalculated seaientring parameters and brace
sections are essential components of the new and revised design procedure, preEaioied in

6-7.

As the design process draws to a close, it becomes imperative to once again critically assess the
main element sections (beams, columns and braces) within thees&ihg system according

to the design provisions in EC&32], aligning with the criteria outlined in Figui&2 and

Figure 6-3.The outcomes of this thorough design evaluation for the system's sections are

comprehensively detailed rable 67.

Table 67: Sections and drift limits of orstorey building for SECBF system using FBD

method.
Level, i Braces Beams Columns PT ForcekN) No. of Strands Dirift ratio (%)
3rd floor  100x100x10.0 HE500M HE400M 424 14 25
2nd floor 120x120x12.5 HE700M HE400M 525 12 25
1stfloor 150x150x12.5 HE800M HE400M 585 14 25
Ground  150x150x14.2 HE800M HE400M 642 16 25

6.5.4 Results and Discussions (DDBD)

By incorporating the DDBD feature and seéintring behaviour, the SCBF system represents
a significant advancement over conventional CBFs, offering improved seismic resilience and

potentially reducing damage and residual deformations caused by seistag The inclusion
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of these characteristics in the design process enhances the safety and performance of structures,
making them more suitable for earthqugkene regions.

This guide outlines the procedural steps for implementing the DDBD method, building upon
our prior discussions. The initial key consideration involves transforming thedegitee of
freedom (MDOF) system into a simplified equivalent single degree afdre¢SDOF) system.

This method employs the secant stiffness at maximum displacement, instead of depending on
the elastic and bilinear stiffness of the structure.

The 4storey building is designed to investigate the DDBD for(EFs. The buildings’
dimensions are 24 x 24 m in plan consisting of tweCEFs in each direction as the lateral
resistant frames as shown in Fig6r25. These buildings are symmetric in plan and elevation
with a uniform storey height of 3.2 m for each flotable 6-8 summarises the design storey
displacements;, g and yield storey displacements,, yThese were found to be 0.24 m, and
0.032 m, respectively. To design the building, first the substitute structure displacement, A
effective mass, gyeffective height,* z and ductility, gare found. These wefeund to be 0.24

m, 715.1 tons, 9.6 m and 7.54, respectively, as determined based on the design flBigcinart (
6-19) of the SGCBF system.

Table 68: The details of design displacement profile and yield displacement profile.

Level,i Height Massmg Ay éng Mging Mgéing MgingH éwbM) Mgéwg Mgéwg
(m) (Ton)/floor
3rd floor 12.8 214.53 1 0.32 68.64 21.97 878.72 0.042 9.10 0.38
2nd floor 9.6 214.53 0.75 0.24 51.48 12.36 494,28 0.031 6.82 0.21
1st floor 6.4 214.53 0.5 0.16 34.32 5.49 219.68 0.021 455 0.09
Ground 3.2 214.53 0.25 0.08 17.16 1.37 54.91 0.010 2.27 0.02
Sum 2.5 171.@ 41.18 164759 227 0.72

Then, the distributed base shear to the floor levels in order to evaluate the stability coefficient
of the system according to Sullivan et al.(20285] suggests that il g o* 5- > 0.05, the
stability the 2 F Aeffects may approximately be considered by multiplying the relevant design
storey displacements by a factor equal tg) @* z.Calculations of the intestorey drift of the

P- Ostability coefficients, for each level of the building are done, as indicated in the provided
flowchatrt. It is found that is less than 0.12 for all storeys as showhahle6-9 The maximum
acceptable value of this coefficients 0.3, so it is not necessary to consider the instability
effects.

To obtain the damping level of the system, the EVD equations suggested by O’Reilly and

Goggins 56] are used, which are a function of ductility,and nondimensional slenderness
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ratio, afor CBF frame as well as the elastic damping of pessioned strands. The slenderness
ratio is unknown at this stage of design an initial assumption of slenderness ratio is assumed to
get the EVD. The elastic viscous damping of gesasioned strands 5%. The combined
equivalent viscus dampingl{y ec ) for both systemsat initial stage of the design as it is

needed to evaluate the damping system at the beginning of the first iteration, which is 0.22.

Using the displacement response curve in order to assign the effect g@gyi@diresponding

to the design displacement. Different damping ratios could be used based respihwese
spectrum reduction modification factor. Figuse28 illustrates two curves of displacement
response spectra of 5% and 22.3% damping ratios. The effective time f@rofdife structure
can be determined from the displacement response spectra, resultiogl¢alated value of
3.02 seconds for the target displacement. Once the effective seismic vigjgbitthe structure

is known, the effective stiffness g can be calculated using the formula provided in equation
given the flowchart. For the selected frame model, the value gis 9015 kN, and the

corresponding value of gis calculated to be 3095 kN/m.

Figure 628: Displacement response spectra for 5% and 22.3% damping ratio.

The total base shear demand, denoted®s, is determined by multiplying the effective
stiffness and the target displacement, resulting in an estimated value of 918 kN. This overall
base shear is then distributed to each individual frame in inverse proportion to their height.
Therefore, the base e in each individual frame, representeddgs, .can be estimated using

the formula provided in the flowchart. The calculated valuesBgar »; 2 6 a sre 459.43 kN at
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each frame. Thdistributedforces and base shears at each floor level are preseniadlen

6-9.

Table 69: Initial distribution of forces, shear, and thedelta effect of the system.

Level Height Lateral F Shear Gravity Theta Should
(m) Load (Ton) Vg Load,Py (P- be less
(KN) (KN)  (Ton)  delta)  than
Stability
3rd floor 12.8 422.67 43.13 422.67 210454 0.12 0.3
2nd floor 9.6 248.09 25.32 670.77 2104.54 0.07 0.3 Satisfied
atisfie
1st floor 6.4 165.39 16.88 836.16 2104.54 0.06 0.3
Ground 3.2 82.69 8.44 918.86 2104.54 0.05 0.3
Sum 0 918.86 93.76

Based on the initial assumption of the 50% participation ratio of the conventional CBF frame
in the selfcentring system. The rest of the shear force demand goes to tstrands system.

The redistributed forces and demand base shear at each floor fdirgheteration are
constructed. Based on tension only diagonal bracings resist the shear as suggested by
EC8(2005) 237, the xial force in the brace af'ilevel floor for n iterationsN gi» is found

by dividing the floor shealyy, by cosine of the angle of the inclined diagonal brackhe

brace area, A, is found by dividing the axial force in the brace by the yield strengtiAll B

braces are chosen to be class 1 with a slenderness fatio ® V V XJ J HMMWAEG2R) (

Table 6-10 the redistributed forces and the demand base shear for each floor at the initial
iteration of the DDBD design steps.

Table 640: Initial calculation of force, shear, and the design of brace element (First

Iteration).
Level,i  Height Fg Vg (KN) Nip, gl Proposed Section size 3
(m) CBF(KN) (KN) areaA- |
(cm9
3rd floor  12.80 211.34 211.34 239.52 10.19 80x80x3.6 1.07
2ndfloor  9.60 124.05 335.39 380.11 16.17 90x90x5 1.03
1stfloor  6.40 82.70 418.08 473.83 20.16 90x90x6.3 1.02
Ground 3.20 41.35 459.43 520.69 22.16 100x100x6.3 1.04
Sum 459.43

Thus, to check the adequacy of the selected braces sections. The design ductility should be less
than the total ductility fracturedjobtained from Nip et al2[L7]. Table6-11 shows the ductility

limits and ductility content for each brace section. Therefore, the revised equivalent viscous
damping is less than the trial one found by using the assumed slenderness ratio. Thus, the above

procedure is carried out again using the new equivalent viscous damping to ensure adequate
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braces are determined. The combined equivalent viscous damping ratio for botls ayitsin
iteration of analysis is evaluated.

Table 611: The design ductility of the brace&£7.54) compared with the total ductility
fractures & (First Iteration).

Level, i Area A h(mm) t(m Class I Hot Rolled Cold Rolled
Section(cm?2) m) Carbon Steel Carbon Steel

3rd floor 80x80x3.6 1 80.00 3.60 Class1l 2.32 8.97 8.40

2nd floor 90x90x5 1 90.00 5.00 Class1 2.09 10.24 13.30

1st floor 90x90x6.3 1 90.00 6.30 Class1 2.12 12.04 12.97

Ground 100x100x6.3 1 100.00 6.30 Class1 1.90 10.43 12.43

Consequently, the updated equivalent viscous damping is lower than the initial trial value
obtained through the assumed slenderness ratio. Thus, the above procedure is carried out again
using the new equivalent viscous damping to ensure adequate bradetearened. The trials

are finished when the same brace sizes are found to be adequate in two sequeniiabtaals.
6-12shows the combined equivalent viscous damping ratio for both syatdresirst iteration

of analysis. This calculation is based on weighted average-system equivalent viscous
damping analysis. The equivalent viscous damping in the first iteraiags ;= 0.084. The

same procedure has been done for all iterations of the based shear calculations until the
equivalent viscous damping is established.

Table 6412: The combined system calculation of the new equivalent viscous damping ratio of
the system&.,+, , )(First Iteration).

Level, i Section Size  ¢qg Vg Kgers Kgrx Lergiss X Vg X - ng Lt xgl 5%
X ¢Hg * Kgera Vg X - gt
(KN) (KN) K x
(KN)
3rd floor 80x80x3.6 0.32 67.62 0.5 0.5 3.54 1.69
2ndfloor 90x90x5 0.24 80.49 0.5 0.5 4.83 2.01
1st floor 90x90x6.3 0.16 66.89 0.5 0.5 3.94 1.67
Ground 100x100x6.3 0.08 36.75 0.5 0.5 2.44 0.91
Sum 251.76 0.5 0.5 14.76 6.29

In the fifth iteration of the selfentring combined system, the equivalent viscous damping for

the SCCBF system is represented as6 & i & %) 7TKH XSGDWHG EUDFHYV
parameters for the SCBF frame, as determined in the final iteration ofdbeign procedure

as per Figuré-19, yield the necessary steps and requirements for achieving DDBD compliance.
These steps and requirements are essential for ensuring the seismic performance and self

centring behaviour of the SCBF system. It's important to highlight that in this context, the
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maximum brace overstrength factor, represented,agas intentionally established at a value
of 20%, as explicitly outlined ifable 643,

Table 613: Final trial results of designing sections for braces.

Level i Fgcras VgKgers Nipg Area Sec;tion Real Npjm 3y I
(KN) (KN) (KN) A Size Area (KN)
A-(cm9

3rd floor 304.458 304.45 345.05 14.68  90x90x5.0 16.70 39245 1.13 2.09
2nd floor 178.70 483.16 547.58 23.30 90x90x8.0 25.60 601.6 1.09 2.18
1stfloor  119.13 602.29 682.60 29.04 100x100x10  34.90 820.15 1.20 1.98
Ground 59.56 661.86 750.11 31.91 100x100x10  34.90 820.15 1.09 1.98

Sum 661.86

Upon completing the design process, it is possible to draw conclusions and present the results.
The braces were chosen in this example after the fifth trial (i.e., n = 5), which are shown in
Table6-13. All braces satisfied according to the H282]. The sections are to be Class 1 with

a slendernessrato™a %UDFH PHPEHUV ZHUH FKRVHQ FDUHIXOO\ W
as close as possible, as the purpose of this design is to verify the design methodology, where
the maximum brace overstrength factor, was 20%.Tablé-14 gives the summary of the

effective height, effective period, effective stiffness, and total base shear force and the

equivalent viscus damping for five iterations.

Table 614: The Summery list of design displacement, effective height, effective period,
effective stiffness, and total base shear force.

Iteration H m. H. w T, K. V=K x V=K x LwecEl
Number (m) (Ton) (m) (m) (Sec) (KN/m) H L

(KN) Li*l@

(KN)

First 0.24 7151 9.6 0.032 3.02 3097.87 743.49 918.87 0.084
Second 0.24 7151 9.6 0.032 235 5116.31 1227.87 1403.25 0.095
Third 024 7151 9.6 0.032 251 448466 1076.32 1251.7 0.089
Fourth 0.24 7151 9.6 0.032 243 4784.81 1147.35 1323.73 0.086
Fifth  0.24 7151 9.6 0.032 2.37 5030.14 1207.35 1382.61 0.086

The calculation of the overall brace sections in theCBE system was conducted employing

the DDBD method, as outlined in FiguBel9. It was assumed that 50% of the base shear is
counteracted by the pensioned strands system (designated,as &5), while the remaining
portion is resisted by the CBF frame. As a result, thecggifring concentrically braced frame
system operates cohesively to withstand the entirety of the base shear, considering the joint
rocking assumptiontable6-15 provides more specific information about the braces utilised at

each storey level.
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In the design of the SCBF system, the beams and columns were designed with grade S355
grade and S235 grade for the braces. The design process involved utilising the values from
Table6-13 as inputs into the flowchart shown in Figé4 to assess the capacity design of

critical structural elements in the STBF.

Initial assumptions for system parameters were made, as depicted in &RRifehe post
tension (PT) elements were designed with a yield strBssy)(of 1770 MPa and a modulus

(" gp of 195 MPa. The initial pogension force applied to the strands@) was assumed to be

0.25 Bgj#g i Where #¢ represents the crosgctional area of the pensioned strands.
Assuming pinned connections at the Concentrically Braced Frame (CBF), the beams and
columns were found to have adequate capacity according to Clause 6.7.4 of EC8. The initial
crosssectioral area of the pogension strand #¢ () was assumed to be 0.8§;(as provided

in Figure6-25) at each floor level. The selected PT strands consistvirie7standard strands

with a nominal diameter of 15.2 mm and a nominal area of 139 mm2.

Table6-15lists the PT forces that developed due to the target lateral displacement at each floor
level, and these forces were compared against the shear resistance capacity of the PT strands
(8 e xe - Itis critically important to ensure that the design force in the-teosioned strand

(2 6,) does not exceed 75% of the design capacity of thetgosioned strand4 & ), as

checked usig the flowchart presented in Figu€2 Before assessing the maximum capacity

of the posttension strands, a characteristic behaviour resembling a flag shape was confirmed
by subjecting thetorey shear force at storey i and a lateral frame displacemg (i, .o to

a value exceeding zero.

Table 6415: Sections and drift limits of orsorey building for SECBF system using DDBD

method.
Leveli Braces Beams Columns PT Force (KN) No. of Strands Drift (%)
3rd floor  90x90x5.0 IPEGOOR  HE400M 317 8 25
2nd floor 90x90x8.0 IPE750x161 HE400M 405 10 2.5
1st floor 100x100x10 IPE750x222 HE400M 476 10 2.5
Ground 100x100x10 IPE750x222 HE400M 518 12 2.5

6.5.5 Comparison of DDBD and FBD methods for designing STBF system

This study focused on a specific building archetype, namely, a reguldidoustructure for
the comparison of DDBD and FBD methodologies. The seismic resistance of these buildings

was achieved by implementing selntring concentrically braced framés.the initial stage
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of the study, the dimensions of structural components were determined by considering actual
and commonly encountered gravity loads to establish a coherent loading protocol. For
referenceFigure6-25 provide illustrations of the typical floor plan and elevation of these four

storey buildings.

A method of designing structures and displacements based on the base shear force might
therefore lead to overly stiff structures and large sections. Priestley df7himfke the
argument that this type of method could not be useful and might lead to uneconomical structural
design. Underestimating the fundamental periods of a structure leads to an increase in the base
shear demand. Lager base shear results in larger sizesuctural elements and thus
uneconomical design. This problem can be decreasednbgr@ accurate estimation tfe
fundamental vibration of the structure. Over the years, seismic design has been largely dictated
by forces and strengths, and thus the accelerations and masses of the structural elements are

important in order to evaluate the lateral forces on the structure.

The evolution of earthquake understanding, ground motions, nonlinear structural response
characteristics, and varying levels of damage influencing structures and occupants has led to
the development of performanbased, especially displacemdmatsed approaches. These
methods, in contrast to ForBased Design (FBD), prioritise overall structure performance and
displacements over sole emphasis on forces and stredgtt#3fll. Among several methods

and procedures studied and evaluated based on the perforb@amecedesign approach, the
Direct DisplacemenBased Design (DDBD) method stands out as the most common. This shift
ensures a more comprehensive approach that doesriyt celg on strength, as seen in the
ForceBased Design (FBD) method, but rather takes into account multiple aspects of structural
behaviour. Therefore, DDBD is often considered more straightforward than FBD in some
common practices, as it establishes a clear displacement goal as part of its initial design
framework, simplifying the overall design process.

Table6-16 provides a comparison of the outcomes concerning the sections aitensoshed
forces within the SECBF system. The findings indicate that the FBD design method produces
higher values in comparison to the DDBD design method. In particular, thesexgmal
dimensions of the braces exhibit a significant expansion in the FBD design method,
demonstrating a doubling increase in comparison to DDBD.
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In addition to that, the po$¢nsioned forces and the strands are considerably influenced by the
design methodology, notably favouring the DDBD approach, with an approximate 50%
increase in value. This significant analysis, which revolves around the comparison of these two
methodologies, leads to a conclusive insight highlighting the superiority of the DDBD method

over the FBD approach.

Table 616: Section size, pestnsioned forces, number of strands, and slenderness ratios for
four storeys for FBD and DDBD design methods.

Level, i Section Size PT No. of 38 Level,i Section 538 PT No.of
Force Strands Size Force Stran
(KN) (KN)  ds

FBD DDBD

3rd floor 100x100x10.0 424 14 1.99 3rdfloor 90x90x5.0 2.09 317 8

2nd floor 120x120x12.5 525 12 1.67 2ndfloor 90x90x8.0 2.18 405 10

1stfloor 150x150x12.5 585 14 1.30 1stfloor 100x100x10 1.98 476 10

Ground 150x150x14.2 642 16 1.32 Ground 100x100x10 1.98 518 12

In terms of material efficiency, the sections designed usingEHD methodoffer a significant
advantage oveheFBD method. As shown ifable6-17, the average material savings per floor

with the DDBD approach exceed 30%. The FBD method, while providing greater stiffness and
potentially leading to overdesign, results in reduced lateral displacement compared to DDBD.
However, the overdesign in FBD contributes to increased material usage, which has a direct
impact on carbon emissions and the natural environment. In contrast, the DDBD method is
more favourable in terms of both material savings and reducing carbon emissions. Notably, the
third floor acheves the highest material savings, approximately 37%, followed by the fourth
floor with around 35%. This suggests that higher floors tend to benefit more from material

savings compared to lower floors.

Table 617: Section weight of the beams, columns, and braces for four sisireyFBD and
DDBD design methods

Level, i Weight/Floor Weight/Floor Deferencé
(Ton/Floor) (Ton/Floor) (Reference
DDBD)
FBD DDBD

Beam Column Brace Total Beam Column Brace Total
3rd floor 13.82 9.83 0.69 2434 25.95 9.82 144 37.21 34.58%
2nd floor 15.36 9.83 053 25.72 28.87 9.82 215 40.84 37.02%
1st floor 21.31 9.83 0.72 31.86 30.46 9.82 2.77 43.05 25.99%
Ground 21.31 9.83 0.72 31.86 30.46 9.82 3.10 43.38 26.55%
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6.6 Design Methodology Verification: A Case Study

The nonlinear time history (NLTH) analyses ansed to validate the FBD and DDBD design
methodologies outlined in previous sections to theCBE structures. Various ground motions

were chosen to generate time histories with acceleration and displacement spectra. The
verification process utded OpenSees softward97], a popular platform for simulating
structural behaviour. Fowstorey Steel Concentrically Braced Frame (8BF) models were
constructed within this software environment. The models had a 6 m span and 3.2 m height
with braces installed at an inclination angle .  All lfraces were made of S235 (European
Standard) steel with a material overstrength 1.2, and elastic moduualB GPaZ85].

This section first discusses the selected ground motion sets to be used for the NLTH analyses,
followed by the numerical modelling parametexguired for the dynamic analyses of the SC
CBF structures. The results of the NLTH analyses are then presented for each case study to

evaluate the FBD and DDBD methods robustness in the design@B&Gtructures.

6.6.1 Earthquake Ground Motion Set

In this study, a series of ground motion earthquakes were selected in order to conduct the NLTH
verification analysis. A PEER NGAl5]database was used for choosing these ground motions
according to the specified design spectrum. The details of the chosen ground motions are
provided inTable 648.

Twelve ground motion records were used in the NLTH analyses. The target design of this study
utilised a response spectrum corresponding to a design basis earthquake (DBE) with a 10%
probability of exceedance in 50 years. The average response of theskrgatioms compares

with the design spectrum. The individual spectral acceleration for each ground motion with
their respective means are shown in Figi+89. Twelve different real earthquakes were scaled

to have acceleration spectra that match the design acceleration spectrum using SeismoMatch
software B16]. Table 618 gives information about the chosen real ground motions used in the

NLTH analyses.
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Table 648: Earthquake ground motions applied to the NLTHA using PEER NGA database.

GMID RSN Earthquake Name Station Name Magnitude Mechanism Year
1 126 "Gazli_ USSR" "Karakyr" 6.8 Reverse 1976
2 169  "Imperial Valley-06" "Delta” 6.53 Strike Slip 1979
3 183  "Imperial Valley-06" "El Centro Array #8" 6.53 Strike Slip 1979
4 184  "Imperial Valley-06"  "El Centro Differential 6.53 Strike Slip 1979

Array"
5 517 "N. Palm Springs" "Desert Hot Springs" 6.06 Reverse 1986
Oblique
6 802 "Loma Prieta" "Saratoga Aloha 6.93 Reverse 1989
Ave" Oblique
7 900 "Landers"” "Yermo Fire Station" 7.28 Strike Slip 1992
8 959 "Northridge01" "Canoga Park 6.69 Reverse 1994
Topanga Can"
9 1511  "Chi-Chi_Taiwan" "TCUO076" 7.62 Reverse 1999
Oblique
10 1521  "Chi-Chi_ Taiwan" "TCU089" 7.62 Reverse 1999
Oblique
11 1762 "Hector Mine" "Amboy" 7.13 Strike Slip 1999
12 2626 "Chi-Chi_ Taiwar03" "TCUQ75" 6.2 Reverse 1999
Original Acc @) MatchedAcc ()

Figure 629: Spectral acceleration values for each earthquake ground motion, along with
their corresponding average valués original ground motiongb) matched ground motions
[316]
The time history accelerograms are scaled to achieve a displacement response spectrum that
aligns with the design spectrum for soil type C with 5% damping specified in Euroc28].8 [
This spectrum matches the one used in the FBD approach for the same case study. SeismoSignal
software[316 is employed to determine the elastic response spectra (with 5% damping) for the

scaled displacement spectrum, as illustrated in Fig@ 6-
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Original displacementl) Matched displacemenb)
Figure 6-30: Spectral displacement values for each earthquake ground motion, along with
their corresponding average values, a) original ground motions, b) matched ground motions.
[316]

6.6.2 Non -Linear Time History Analyses

The resulting design of the STBF was evaluated using a series of NLTH analyses as described
previously. This approach followed the OpenSees platform methodology proposed in Chapter
5. The multistorey numerical model assumed elastic behaviour for columns and beams.
Connections, on the other hand, were modelled following the details outlined by O'Reslly [

and Alwahsh et al.317]. Braces were modelled with distributed plasticity, incorporating 10
integration points along their length to capture their nonlinear behaviour. To account for global
buckling, an initial imperfection of 1% of the brace length was introduced at the midpoint. A
low-cycle fatigue model was employed to represent potential fractures due to repeated
earthquake loading (cyclic loading). The specifics of this fatigue model and its calibrated

parameters can be found in Chapter 3

In general, NLTH analysis involves setting up initial conditions similar to those in gravity
loading cases, but with the addition of dynamic excitation. Unlike static analysis, NLTH utilises

a different integrator, such as Newmark's method, for transiahsas to ensure stability and
incorporate specific coefficients that govern the level of numerical damping. Careful selection
of the right time step and integrator is crucial for accurate results. This selection depends on the
structure's dynamic behaviour, the earthquake time frame being studied, and the desired level
of accuracy. Additionally, techniques like iterative refinement, adaptive time stepping, and

stability analysis can be employed to improve convergence and address issues where the
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solution does not reach a stable answer. For more detailed information on these analysis objects
and their application, refer to the OpenSees command ma@rl |

The solution algorithm leverages a Krylov—Newton approach, which combines Krylov
subspace methods with Newton's method for efficient convergence. Convergence is achieved
when the norm of the displacement increment vector falls below a tolerance of'1with a
maximum of 1000 iterations allowed. For dynamic response calculations, the-Hilpkes

Taylor (HHT) method is employed. This method extends the Newmark method and utilises a
constant value of 0.5. Rayleigh damping is implemented, incorporalioth mass and
stiffness proportional damping characteristics. For this specific analysis, an elastic damping
ratio of 3% is choser8[L8]. The numerical model is verified by comparing it with experimental
results. This includes cyclic tests on braces conducted by Salawdeh and Gabgjiress[well

as shake table experiments on sirgjlerey CBF structures by Goggins and Salawa@éi]. A

comprehensive discussion of these concepts can be found in Chapter 5

6.6.3 Verification of the FBD method

A case study explores the SIBF structure designed using the FBD procedure. The design
considers a DBE with a 10% probability of exceedance in 50 years, as specified in seismic
codes. The SEBF system is designed to dissipate earthquake energy throacgs kand

rocking connections. Beams and columns, on the other hand, are intended to behave elastically
and remain within the elastic range to avoid any permanent damage. In order to evaluate the
designed structure's performance, NLTH analysis is empldyesladvanced analysis utilises
recorded ground motions from actual earthquakes, allowing for a direct comparison between

the predicted behaviour of the SIBF structure and its potential response in a seismic event.

The design of the seismic mass followed by EZ®] guidelines, which specify using the total
dead load plus 30% of the live load. An initial eigenvalue analysis performed using NLTH
analysis results determined the first mode period of th€ BE structure to be 0.356 seconds.
This value is very close tthé¢ 0.34 seconds obtained from the code formula defined in ECS,

demonstrating good agreement between the analytical anébasdd approaches.

Comparisons between the maximum floor displacements recorded during NLTH analysis for
the twelve earthquakes alongside the average of the maximum of the chosen real earthquakes
and the design displacement profile are presented in FagBte Figure 6-32 illustrates the
maximum storey drifts recorded for the twelve earthquakes during NLTH analysis compared to
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the maximum drifts profile alongside with average of the maximungsinifts of twelve
earthquakesFigure 6-32 demonstrates that the maximum average of the ground records
remains lower than the design drift ratios. According to Clause 4.4.3.2 of EG0B the
maximum allowable intestorey drift ratio is set at 2% of the storey height. This criterion

applies to structural deformations within thecadlapse design state.

Figure 6-31: The maximum floor displacements recorded for the twelve earthquakes
compared with the design displacement for FBD method.

Figure 6-32: The maximum drifts recorded for the twelve earthquakes compared with the
design driftsfor FBD method.

The analysis examined residual drift ratios for all earthquake ground motions considered, and
all values remained within acceptable limits. Fig6r83 compares the maximum average

residual drift from twelve earthquakes to the acceptable limit based on construction tolerance,
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as discussed in O'Rellly et dll]. The analysis indicates that, on average, the maximum
displacements, the maximum storey drifts, and the maximum residual drift ratios recorded from

NLTH analysis fall within acceptable design limits.

The acceptable residual drift limit is more than 90% higher than the average maximum residual
drift observed in the NLTH analysis. This significant margin demonstrates the excellent self
centring performance of the proposed system. The design followed2B€Bpfinciples and

employed a FBD approach.

Figure 6-33: The maximum residual drifts recorded for the twelve earthquakes compared
with the design driftfor FBD method
Figure6-34 gives information about the pensioned forces that propagated during the NLTH
analysis. The analysis considered multiple earthquake ground motions. The results show that
both the maximum and average PT forces generated during these earthquakes tezt@ine

the design limit. This limit is set at 75% of the elastic capacity of the PT strands.
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Figure 6-34: Posttensioned forces for the ground motion records and corresponding average
for FBD method.

Figure 6-35 and Figure 6-36 illustrate the local axial forces of the right and left braces

throughout the ground motion records, along with their corresponding averages. The NLTH

analysis indicates yielding in the braces on both the left and right sides at the ground and first

floor levels. These braces are designed to act as replaceable energy dissipating elements.

Research by O'Reilly, Goggins et &7[168,319] has shown that such elements can be easily

removed and replaced after a significant earthquake.

Figure 6-35: Local axial forces in right brace for each ground motion record and
corresponding average for FBD method.
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Figure 6-36: Local axial forces in left brace for each ground motion record and
corresponding average for FBD method.

6.6.4 Verification of DDBD method

The performance of the SCBF system under various seismic excitations is evaluated through

a set of critical parameters. The primary consideration is satisfying the limits ostorey

drift, which is set at 2.5% for this structure. Additionally, residual drifts, a measure of permanent
deformation, are capped at a maximum of 0.2%. The performance evaluation ensures that
beams, columns, and PT elements remain within the elastie.r@mace members are also
maintained to ensure they stay within an aceletductility range. These key parameters are

then compared to the design profile parameters established using the DDBD method.

Figure 6-37 compares the average maximum displacements obtained frorshistogey
analyses (using twelve accelerograms) for Hs¢odey buildings with the design displacement
profiles proposed from DDBD method. The results indicate that the maximum displacements
from the analyses are conservative compared to the design values6FR3@ulepicts the inter

storey drifts for each stey across all 12 ground motions, along with the average values derived
from the NLTH analysis. The plot illustrates that the average response falls within the
predefined limits for the SCBF structure as mentioned eatrlier.
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Figure 6-37: The maximum floor displacements recorded for the twelve earthquakes
compared with the design displacement for DDBD method.

Figure 6-38: The maximum drifts recorded for the twelve earthquakes compared with the
design driftsfor DDBD method
For a DBE with similar intensity to the one considered in this study, building codes typically
specify a residual drift limit of 0.2%. Eurocode 3 also provides an expression to determine
acceptable oudf-plumbness tolerance for steel structures. To erssuomsistent performance
comparison, a 0.2% residual drift limit was adopted here to meet and maintain the minimum

permanent deformation of the structu#82, 232 320]

To accurately assess the structure's residual drifts, the earthquake records were simulated using

twelve excitation events. Figu@39 presents the residual drifts for each egoacross all
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twelve records, along with the average value. This figure clearly demonstrates-ttensei
behaviour of the S@BF system under the DBE. The average response is well below the
prescribed maximum tolerance of 0.2%, highlighting the system's ability to recover its original
position after an earthquakiéhe NLTHA analysis revealed an average maximum residual drift
that is around 95% lower than the acceptable limit (0.2%). This impressive result demonstrates

the outstanding setfentring performance of the STBF system.

Figure 6-39: The maximum residual drifts recorded for the twelve earthquakes compared
with the design driftfor DDBD method.

Right and left braces were subjected to local axial forces throughout the ground motion records,
as represented in Figuée40 andFigure6-41. It is evident from the NLTH analysis that the
braces are yielding on both sides at ground, first and sdtmordlevels. The braces are
specifically designed to be replaceable energy dissipation elements, which is supported by
studies conducted by O'Hgiet al. [57,168,319]. As a result of this design, the frames can
easily be removed and replaced after a significant earthquake, thus minimising repair time and

costs.
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Figure 640: Local axial forces in left brace for each ground motion record and
corresponding average for DDBD method.

Figure 641: Local axial forces in right brace for each ground motion record and
corresponding average for DDBD method.
During the NLTH analysis, PT forces are generated for various earthquake ground motions.
Figure 6-42 shows PT forceslt appears that the maximum as well as average PT forces
remained below the design limit of 75% of the elastic capacity of the PT strands. These reserved
forces are allocated to counteract the initial PT forces during thinhiéeef the system process,

thereby offering considerable elastic capacity to the strands.
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Figure 642: Posttensioned forces for the ground motion records and corresponding average
for DDBD method.

6.6.5 Comparison of FBD and DDBD methods

This section compares the performance atatey structures designed using two different
approaches: FBD presented in Section 3 and DDBD introduced in Section 5. Utilising NLTH
analysis to assess the projected performance of structures involves dis&egsiegponse
parameters to clarify the advantages and limitations of each design approach. The comparison
of the 4story structures designed using the DDBD and FBD approaches reveals key
differences:

X Base ShearThe FBD approach results in a higher seismic base shgaoffpared to
DDBD method.

X Section Sizes:The FBDdesigned structure utilises larger sections to resist lateral
forces, leading to lower lateral displacements during seismic events compared to the

DDBD method that provides larger deformations capacity.

x PT forces: The posttensioned forces and the number of strands are notably influenced
by design methodology. The FBD method utilises more PT forces and number of strands
compared to the DDBD method.

x Residual deformations:Both the FBD and DDBD methods result in significantly small
residual drifts, indicating good seatentring behaviour in both approaches.
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x Floor Displacements: The results demonstrate that the actual displacements
experienced by the FBD structure are lower than the design displacements assumed in
the DDBD procedure.

x Foundation Demands:The larger base shear forces experienced in the FBD structure
translate to higher demands on the foundation’s basis.

The NLTH analyses using twelve accelerograms were performed to evaluate the floor
displacements in the-gtorey structures. Figuré-43 compares the average maximum
displacements obtained from these analyses with the design displacement profiles. The results
reveal that the actual maximum displacements experienced by the structures are lower (more
conservative) than the design values. It is evident from these figures that the maximum
displacements recorded from the time history analyses and those derived from the FBD
approach are lower than the linear design displacements assumed for the DDBD procedure. It
is worth mentioning that the dgsi displacement from the FBD method almost matches the

NLTH analysis results of the DDBD method, as can be seen in FigiBe 6

Figure 643: The maximum floor displacements recorded for the twelve earthquakes
compared with the design displacement for FBD and DDBD methods.
The average maximum storey drifts obtained from NLTH analyses for sharel buildings
(Figure 6-44) are generally lower than the design storey drift profiles used in both FBD and
DDBD approaches. The observed difference between the design results and the NLTH analysis
can be attributed to a key assumption made during the design phase. The desigs thesume

only the brace member in tension contributes to the structure's lateral resistance capacity.
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However, the NLTH analysis likely considers the contribution of both tension and compression
brace members, leading to a more comprehensive understanding of the actual behaviour. In
reality, the NLTH analyses capture the contributions of other structierakats, leading to

slightly lower drifts for most storeys.

However, it is worth mentioning that this discrepancy is likely due to higher mode effects,
which are not fully accounted for in simpler design approaches. To address these higher mode
effects, Priestley et al31]recommend allocating 10% of the base shear force to the roof level,
with the remaining 90% distributed proportionally to the product of mass and displacement
across all floors, including the roof. This approach is adopted in the DDBD method used here.
The comparison between the NLTH analyfs both FBD and DDBD sections, as analysed
dynamically, reveals significant differences in drift ratios, as illustrated in Figd#de 6-

Figure 6-44: The maximum drifts recorded for the twelve earthquakes compared with the
design driftsfor FBD and DDBD methods
Residual drift performance was assessed using NLTH analyses with twelve earthquake
excitations for both FBD and DDBD design sections. Figw#8 compares the average residual
drift from these analyses to the 0.2% limit, which is commonly adopted for DBE according to
building codes and several studi¢$0@, 232, 320]). This 0.2% limit ensures a consistent
performance comparison and represents the minimum acceptable permanent deformation for

the structures.

The results in Figuré-45 demonstrate a significant margin between the average residual drift
and the 0.2% limit for both design approaches (FBD and DDBD). This finding highlights the
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effectiveness of the setientring mechanism in the SCBF system. These analyses confirmed

an average maximum residual drift well below the 0.2% limit, further underlining the system's
impressive ability to recover its original position after an earthquake. This noteworthy outcome
underlines the remarkable sedntring performance of the SCBF system. The results of the
NLTH analysidor FBD sections show residual drift ranging from 90% to 95% below the design
residual limit. In contrast, the NLTlnalysisfor DDBD sections sustained residual drift of

more than 95% at most floor levels.

Figure 645: The maximum residual drifts recorded for the twelve earthquakes compared
with the design driftfor FBD and DDBD methods.

Figure 6-46 and Figure 6-47. depict the local axial forces experienced by the right and left
braces throughout the ground motion records using NLTH analysis. These figures compare the
NLTH analysis for both design sections of FBD and DDBD methods with the elastic capacity
of the braes. The results indicate yielding in the braces on both sides at the ground and first
floor levels for FBD, while the braces yielded at the ground, first, and sdélommdevels for
DDBD.

The brace sections used in the FBD method are larger than those used in the DDBD method.
This results in more conservative material sections in the DDBD method compared to the FBD

method.

These braces are intentionally designed to function as replaceable energy dissipation elements,
a concept supported by several studies 168,319]. This design facilitates the easy removal

and replacement of frames after a significant earthquake, thereby reducing repair time and costs.
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Ensuring brace ductility within limits is crucial to prevent brace fractures during the response.
Research by Goggins et @39]and Nip et a[217] has established the concept of displacement
ductility, which measures how much deformation a brace can withstand before fracturing. The
SC-CBF system is engineered to ensure the braces remain within this safe ductility range during

an earthquake.

Figure 646: Local axial forces in left brace for each ground motion record and
corresponding average for FBD and DDBD methods.

Figure 647: Local axial forces in right brace for each ground motion record and
corresponding average for FBD and DDBD methods.
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The NLTH analysis encompassed the evaluation of PT forces under various earthquake ground
motions for both design sections of FBD and DDBD methods, as illustrated in &ig8rdhe

results indicate that both the maximum and average PT forces remained well below the design
limit for both analyses, which is set at 75% of the elastic capacity of the PT strands as previously
discussed. This reserve capacity ensures that the REE foaa effectively counteract the initial
prestressing forces applied during system installation andiige while still providing
significant elastic deformation capability in the strands during an earthquake. It is evident that

the conservative material sections of the FBD method are compared with the DDBD method.

Figure 648: Posttensioned forces for the ground motion records and corresponding average
for FBD and DDBD methods.
Structural modal analysis is a vital tool for assessing a structure's dynamic behaviour,
particularly its response to vibrations and earthquakes. It helps identify a structure's natural
frequencies, which are the frequencies at which it tends to vibragereaalily. Additionally,
modal analysis determines the mode shapes, which are the specific patterns of deflection the
structure exhibits at each natural frequeri@ple 6-19 illustrates the fundamental periods of
structures using the essential steps for setting up a structure in OpenSees and performing a
modal analysis to determine its natural frequencies and mode shapes. Four mode shapes are
analysed using the modalnalysis for two different models and sections, based on
aforementioned comparison. By interpreting these results, engineers can gain insights into the
structure's dynamic properties and make informed decisions about its design and performance
under seismic loaddable 6-19 provides information about the codified natural period for
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structures designed using the FBD method, as well as using the effective period corresponding
to the DDBD method.

Table 619: Natural period comparison from NLTH analysis, FBD, and DDBD methods

Number of Mode FBD Sections (Sec) DDBD Sections (Sec. FBD code (Sec) DDBD code (Sec)

NLTHA Codified

Mode 1 0.356 0.445 E 6
Mode 2 0.134 0.167 6= 0.05(D)®

Mode 3 0.083 0.1

Mode 4 0.063 0.074 0.34 2.37

6.6.6 Summary of NLTHA

A four-storey SCCBF example was designed to meet specific performance targets under a
DBE. A NLTH analysis was then performed on a computer model of the desigr€BISC
system to assess its performance. The results of this analysis were compared to the established

performance limits, demonstrating that the SBF performs satisfactorily under a DBE.

The NLTH analysis involves applying dynamic forces, like those from an earthquake, to the
structural model. To handle these dynamic effects, a different solver, such as Newmark's
method, is used. This method incorporates coefficients (alpha and beta) that control how much
numerical damping is introduced to achieve stability in the analysis. The selection of
appropriate time step and solver is paramount for achieving accurate numerical results in NLTH
analysis. These choices are contingent upon the dyndraraateristics of the structure, the
specific earthquake scenario under investigation, and the requisite level of precision.
Techniques such as iterative refinement, adaptive time stepping, and stability analysis can be
employed to enhance convergence and mitigate the risk of encounterirgpmangent

solutions. 197].

This section investigates and validates methodologies of FBD and DDBD for steedtonealy
SCCBFs. Two fourstorey SCCBF case studies designed using FBD are compared with the
DDBD solution through NLTHA analyses. The key findings are:

X The results demonstrate that FBD leads to larger member sections, resulting in lower
displacements and s&yrdrifts compared to DDBD.

x NLTH analyses reveal FBD's conservatism for most stories, except the top floor, where

higher mode effects become more prominent.
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X NLTH results indicate that both tension and compression members contribute more to
lateral resistance than anticipated in the FBD and DDBD design philosophy.

X The design methodology directly influences the PT strands' capacity and number. FBD
relies on force criteria, leading to designs that may use more strands to ensure strength,
while DDBD emphasises performance through controlled displacements, potentially

optimising the number and capacity of strands to meet specific performance objectives.

x The shear contribution between PT and brace frames can differ significantly when
comparing the FBD method and the DDBD method. The DDBD method utilises fewer

strands and results in lower forces compared to the FBD method.

Overall, the study emphasises the advantages of DDBD over FBD for desigridBF0n
high seismic zones. The DDBD approach leads to structures with lower total steel mass,

offering a potentially more cosffective and efficient solution for the casedstipuildings.
6.7 Conclusion

This chapter provides a methodology detail faoemprehensive and usirendly approach to
design SGCBFs earthquakeesistant structures. It is employed after determining the demand
base shear using Direct DisplacemBased Design (DDBD) and ForBased design (FBD)
methods. The steps include selegtidesign parameters, identifying se#intring system
components, creating a structural model with appropriate analysis, assessing displacement
demands, ensuring ductility and capacity. The lateral fort@sgeon the structure are entirely
resisted by braces and rocking connectidiieese components are specifically designed to
facilitate selfcentring behaviour, meaning that after experiencing lateral displacements during
an earthquake, the structure is capable of returning to its original position due to the flexibility
and energydissipating properties of the braces and rocking connections. Despite this self
centring behaviour, the main structural elements, including columns, beams, atahpiosted
strands, maintain their elastic behaviour, ensuring that they remain within their elastic limits

and can efficiently support the loads without undergoing permanent deformation.

A case study of a fotstorey SGCBF was designed using the FBD approach to achieve seismic
resistance level targets based on EC8 (20@4)le considering the interaction between
different structural components of the -8BF system. In this study, various seismic hazard

levels of the SECBF system were successfully achieved and the effective integration of his
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FBD into the design framework was demonstrated. The design process involves defining
performance objectives for the structure according to the Design Basis Earthquake (DBE)
seismic hazard level. These objectives include ply displacements, residual displacements, and
the behaviour of beams, columns, and pestsioned (PT) elements. The design of the
aforementioned foustorey SGCBF example also employed a Direct DisplaceriBaded

Design (DDBD) approach to meet the specified performance goals. This dppvo&adnto
account the interactions among the different structural components within{GBESE€ystem.

The case study serves as an illustration of a successful application of both FBD and DDBD
approaches in the seismic design ofsigtey SGCBF, offerng the robustness and adaptability

of the chosen design framework.

The investigation of the Displacemddased Design (DDBD) approach for ®IBFs was
conducted using a methodology based on EZ®] and Priestley et al[17]. The study
demonstrated that the performance goals were successfully achieved for various seismic hazard
levels, showing the effective integration of DDBD into a performdyased design framework.

The results indicate that the use of-GBFs allows for gperior performance objectives
compared to conventional CBFs, particularly in terms of mitigating residual deformations. The
promising outcomes indicate the ®XBF's performance at different intensity levels and the

efficacy of the DDBD procedure within a performarzsed design framework.

This case study investigated atrey SGCBF structure using a horizontal rocking approach

to validate the FBD and DDBD procedure. NLTH analysis was employted case study with

twelve different earthquakes, each scaled to match the design acceleration spectrum. The results
showed that the FBD procedure yielded conservative estimates when compared to the actual
maximum displacements, floor drifts, and residual drift ratios observed during the analysis.
These findings suggest that the FBD procedure might be overly cautious, potentially leading to
unnecessarily robust designs. Therefore, the FBD design method yields significantly higher
values when contrasted with the DDBD design approach. Theigymsoned forces and the
number of strands are notably influenced by the choice of design methodology, with the DDBD
approach demonstrating clear advantages. Thiejth analysis, centred on the of these two
methodologies, leads to a definitive conclusion emphasising the superiority of the DDBD
method over thé-BD approach. The comparative study on FBD and DDBD methodology
reveals the inherent differences associated with FBD compared to DDBD, particularly for the

steel sekcentring CBF system.
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Chapter 7. Summary and Implications

7.1 Introduction

This chaptepresentshekey conclusionglerivedfrom the research conducted in this thesis on
the novel steel self-centring concentrically braced fram@&CCBF) system develop at
University of Galwaylt provides a&comprehensiveverviewof the most significanbutcomes,
discussinghe main contributions ofeach chapter artheir alignment with the central thesis
Furthermorethis chapter identifies specific steps for the continued development of the SC

CBF concept, highlighting opportunitiésr further research in this domain.
7.2 Research Overview

This research involved aeries of laboratory experimeniscluding shake table testto
investigate the behaviour of the novel sahtring systemA finite element numerical model
wasdeveloped and validated using OpenSeeanalyse the SCBF under seismic loading.
Both experimental and numerigaisultsdemonstrated that the STBF performsas expected
under various loading protocols. Specificallyg system is capable oéturring to its vertical
position after significant seismic eventlissipating energy through concentrically bracing
memberswhile keeping nordissipative structural elements saieditionally, guidelines and
design procedures for the SIBF system have beeevelopedenabling iteffectiveadopton

by the industry This work contributes tomproved seismic performance amshhanced

resilience in steel concentrically braced frai@8IF) structures.
7.3 Chapters Contributions

Chapter 2 providesa comprehensive veew of the existing literature on steel structural systems
and selcentring systems, establishing the foundafmmthe development and testing of the
SC-CBF system. Key takeawsyrom Chapter 2 include
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Natural hazardsuch as earthquakesn cause significant damage to constructions and

structures

A significant number oelfcentring systembave been developegdhich have been
shown to have the ability to eliminate the residual deformations against natural hazards
(Earthquake)

Key benefits and challenges of €IBF systerawere reviewed in detalil

A novel selfcentringconcentrically braced frame (SCBF) developed at University of
Galway was reviewed and a reseaptdin formed to further validate its performance

through a series of shake table $estd numerical model

Chapter 3 presents details ohaterialtesing undertaken to obtawaluable insights into the

behaviour of materials. It identifies critical parameters that influence their performance,

providing a foundation for improving the design and effectiveness of structural engineering

solutions. In Chapter 3it is highlighted that conducting a combination of tensile and fatigue

tests can offer a comprehensive understanding of the mechanical properties of materials under

both monotonic and cyclic loading conditions. Several important points presented in this

chapter include:

1.

Fundamentalmechanicalproperties such asYoung's modulus yield strength and

ultimate $rength, of the materials were determined.

Various stresstrain curves wereobtained for different materials used in key
components, including gusset plates andutar braces These stresstrain curves
depict how each material or component responds to applied loads, offering valuable

insights into their respective mechanical behaviours.

Cyclic tests under fixed strain amplitude exhibited a softening behaviour. However,

when comparing cyclic tests with different strain amplitudes, hardening was observed.

The study incorporated the von Mises flow rule and a combined model of nonlinear
isotropic and nonlinear kinematic hardening. Parameters related to cyclic hardening

(&, B, > %e,and Ywere calibrated using test data.

Fatigue ductility coefficients Y¥B) and fatigue ductility exponents (c) were determined

using the Coffin—Manson law and cyclic strestsain curve.
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Chapter 4 focused on théull-scale shaking table test of a sedintring system. Details tifie
experimental setup, data analysis techniques, and the behaviour of structures under earthquake

loading were presenteey conclusionsncluded:

1. The combination of podensioned strands and rocking connections facilitated
exceptionakelf-centringbehaviourduring earthquake excitationsliminating residual

drifts even under largpeak drift demands.

2. Residual deformations of the novel ®&BF were within standard acceptable

construction tolerancesith a maximum observed residual deformation of 0.06%

3. Drift ratio time-history plots highlighted system performance within codified limits
under significanground motions, whil@also proving the system is capable of returning

to its vertical position after significant seismic events

4. Damping ratios for the structuvaried between 2.5% and 6.28@pending on thierace

configuration.

5. The braces absorbed seismic energy through plastic deformation while effectively
transferring inertia forces to the structural system, protecting beams and columns from

damage.

6. The selfcentring behaviour of the SCBF contributesto the ease of replacing brace
memberspostexperiment, showcasing the SCBF’s repairability and ability to

minimise downtime and repair costs following earthquake events.

Chapter 5 presented thedevelopment and validation & numerical model capable of
accurately capturing the behaviour of steel@BF structures under the influence of real

earthquake conditions. Key accomplishments include

1. The establishment of calibrated and validated finite element numerical nmgdedslict

the seismic behaviowf a SGCBF system in multstorey steel structures

2.  The numerical model was initiallgalibrated througltyclic push over analyses and
experimental comparison, confirming predictive accuracy in terms of drift ratios, self

centring behaviour and fundamental periods.
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3. Inclusionof multiple contact elements in the numerical model to simulate the rocking
mechanism in the beanolumn connectiomnd the usef nonlinear fibre sections to

capture the plastic deformation of the braces, which is crucial for energy dissipation.

4. Shake table results validated the dynamic response of the model, enabling further

exploration of multistorey structures.

5. The validated model supports future investigations inteCBE design and behaviour,

expanding understanding of seismic performance

Chapter 6 exploresthe seismicdesign of sekcentring concentrically braced frames (SC
CBFs) adhering to the requirements outlined in Eurocode 8. A thorough understanding of
seismic design, structural engineering principles, and perforrtasssl design techniques is
necessary when designing-®BFs frames using a performanuased design framenk

or approach, as discussed in ChapteffBis chaptemcludes the following key contributions

1. Introduction of a methodology to improve the seismic performance of theéEFC

system while adhering to European seismic code requirements and standards.

2. Inclusion of flowcharts that outline the seismic design methodology for thR€EFC

systemusing both forcéased or performandsased frameworks

3. Detailed steps of the methodology are discussed to provide a clear aifidensidy
guide for designing earthquakesistant structures with seléntring capabilities.

4. A case study ofafour-story building demonstrated thgractical application of the

methodologies.

5. The DDBD approach proved advantageous in optimising the design for seismic

performance.

6. Guidelineswere developed for practicing engineers and researtthagopt SGCBFs

in seismic design
7.4 Summary

The research conducted in thigesisestablishes the SCBF system as an effective seismic
resistant design.yBcombining rocking connections and ptetsioning strandshe SCCBF

achievesexceptional seftentring behaviour while dissipay) energy through bracplastic
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deformation.Experimental studies, atuding cyclic pushover loading and shake table tests
validated the system’s performanc®bservations revealed that the rocking connections
protected the beams and colummiie combination of pogensioned strands and rocking
connections resulted in exceptional smhtring behaviour, eliminating residual drifts even
under substantial peak intstorey drift demands. Additionally, the ease with which damaged
brace members could be replaced between experiments highlights the system's resilience and
its ability to fully restore functionality after experiencing significant earthquake loading and
displacement demands. These findings collectively emghasie SGCBF's promising
performance in terms of structural protection, -selfitring capabilities, and repairability,
positioning it as a valuable option for seisfmsistant structural design.

This research propodea seismic design methodology for the -8BF system This design
methodology comes into play subsequent to the determination of demand base shear using the
DDBD and FBD methods.

The study compared FBD and DDBD design methodologies, concluding that DDBD provides
an optimised approach for achieving seismic performance dodlse design approach of the

FBD method, the fundamental period of sgdhtring is a critical parameter that significantly
influences the demand base shear. It plays a significant role in determining the fundamental
base shear required to withstand sé&isfiorces acting on the structures. In the DDBD
procedure, in line with the approach outlined by Wijesundara in 28, the base shear for

the equivalent system is determined using the same methodology. Subsequently, the design and
detailing of the SECBF system follow a similar process to the one described in relevant papers
by O’Reilly and Gogginsg6, 168]. This involves obtaining forces and displacements for the

SC-CBF using the codbased equivalent lateral force procedure.

Therefore, the FBD design method yields significantly higher values when contrasted with the
DDBD design approach. The pdshsioned forces and the number of strands is notably
influenced by the choice of design methodology, with the DDBD approach deatmustlear
advantages. This idepth analysis, centred on the of these two methodologies, leads to a

definitive conclusion emphasising the superiority of the DDBD method over the FBD approach.

Besides experimental studies, a numerical model was constructed using OperiGelsr
validate the SECBF’s behaviourdrawing from existing research on modelling concentrically

braced frames and pegnsioning systems. These individual components were integrated to
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form a comprehensive model of the entire SBF system. The comparative analysis served as

a validation mechanism, affirming the numerical model's effectiveness in predicting the
behaviour of the S@BF structure.The numerical model closely matched the observed
behaviour of the physical SCBF structure across various aspects, including drift ratios, self
centring behaviour, and fundamental periods. The validation process confirmed the reliability
of the pushover search outcomes and established the nwdetdibility. This validation
reinforces the model's appropriateness for conducting furtkaepth investigations into the

design and behaviour of SCBFs.
7.5 Conclusions

In an effort to integrate the benefits of conventional structural steel concentrically braced frames
(CBFs) and seltentring systems, a pioneering setintring concentrically braced frame (SC

CBF) system was introduced at University of Galway. This innovative system was developed
with a focus on the seismic response of theCBF under authentic dynamic loading
conditions, incorporating earthquake excitations via shake table testing, and the creation of
robust digital twins in the form of numerical model$is research provides a comprehensive
investigation into the mechanical properties, seismic performance, and design methodologies
of a novel SEBCBF system, integrating experimental tests, numerical modelling, and design
approaches to assess its behavimder earthquake loading.

The study first focused on evaluating the material properties of steel braces and gusset plates
by testing around 80 coupons, including both tensile and fatigue tests, which were obtained
from a shaking table fulicale frame under seismic excitation. Results showed that the average
Young's Modulus, yield strength, and ultimate tensile strength were 202 GPa, 406 MPa, and
448 MPa, respectively. In fatigue tests, the average number of cycles to failure ranged from 26
cycles at a 5% strain amplitude to 1,143 cycles at a 0.5% strain amplitude. Cyclic tests revealed
softening behaviour at fixed strain amplitudes and straidemimg at higher amplitudes.
Tensile failures mostly showed ductile fracture, while fatigue failures demonstrated buckling at
higher strain amplitudes. The test data were utilised to calibrate numerical models that represent
the cyclic and fatigue behaviour of structural stééls, material testing provided essential

properties for accurate modelling and design.

The seismic performance of the ®BF was thoroughly validated through shake table tests.

The system, equipped with pasnsioning (PT) strands and rocking connections, demonstrated
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strong seHcentring behaviour. Earthquake energy was effectively dissipated by the plastic
deformation of braces, while beams and columns were protected. The peak drift ratio observed
during the tests was approximately 2.51%, with no collapse occurring and only minimal
residual deformations, measured at less than 0.06%. The use of rocking, roller, and pin
connections ensured that inertia forces were transferred to the braces, shielding other structural
elements from damage. The ease of replacing damageds@amphased the system's

potential to reduce downtime and repair costs after seismic events.

A numerical model for the SCBF was developed using OpenSees, incorporating data from
previous research on concentrically braced frames and PT systems. The model was validated
against shake table test results, showing a good consistency in terms of drift ratces)tsel
behaviour, and fundamental periods. This validation demonstrates that the model is suitable for
more detailed investigations into the behaviour of rsitirey SECBFs under earthquake

loading.

The research also provides the FeBased Design (FBD) and Direct DisplacemBased

Design (DDBD) methodologies of SCBFs. A 4storey SCCBF structure was designed using

the FBD approach, which achieved the seismic performance targets, including limits on
interstorey and residual drifts. The study found that FBD, although conservative, reliably
ensures structural safety, though it may result in overly robust designs. This opens opportunities
for optimising FBD methodologies. Using the DDBD method, anmotketorey SCCBF was
designed with a focus on seiéntring behaviour and displacement demands. The design
successfully met these performance goals, with braces and rocking connections facilitating self
centring while keeping main structural elementst&a#g\ nonlinear timehistory analysis
(NLTHA) was conducted on the SCBF, subjected to twelve different earthquake scenarios.
The results showed satisfactory performance under the design basis earthquake (DBE) level,
with the FBD approach providing more conservative estimates compared to the DDBD
approach. This reinforces the need for future research aimed atsopiohesign processes to

avoid overconservatism.

Therefore, improving the significant parameters of quantifying thelinear hysteretic
behaviour of the S@BF system can be achieved through a combination of advanced analytical
tools and experimental testing. It's important to note that the effecdw@he@ny engineering
solution is subject to several factors, including the building's location, the severity of the natural

hazards in the area, and the design and construction of the building itself. Therefore, it's
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essential to consult with a qualified structural engineer to determine the best approach for any

particular building project.

To sum up, the research confirms the GBF system’s effectiveness in achieving-sshtring

behaviour and energy dissipation during seismic events. By enhancing the resilience and

repairability of steel structures, the ®IBF system offers a promising solution for seismic

resistant design in earthquapmne regions.The combination of experimental results,

validated numerical models, and design methodologies provides a strong foundation for

developing earthquakesistant SECBF structures. The validatedumerical model is a

powerful tool for future research, particularly in the analysis of rstitiey SGCBFs subjected

to dynamic loading.

7.6

Limitations

Key limitations of the study include:

1.

The experiments in this study were conducted with unidirectional excitation, thereby
excluding the consideration of effects from other direction. More experimental testing
of largescale SG@CBF systems is required, particularly under mditectional

excitations, and it should involve a broader range of frequency contents for seismic

ground motion.

The structure tested in this study, when subjected to dynamic loading, has a regular plan
and vertical configuration with a top lumped mass. Further research is necessary to
investigate the impact of irregularities on the analysis approach of H@BEG\stem,
particularly concerning plan and vertical irregularity, mass irregularity, and stiffness

irregularity.

The study does not consider the composite effects of the slab on the frame system. The
effects of the diaphragm flexibility. More details and investigations are needed in order
to provide a sufficient and effective performance level of thecgglfring behaviour.

In-plane mass irregularity that could afféicé distribution forces in strands forces and
other structural elements. Therefore, it is crucial to address design and sizing

requirements meticulously to ensure a robust and effective design approach.
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5. The physical constraints of the test setup include limitations in dimensions and the
realistic scale factor. Additionally, the shaking table tests are subject to capacity limits,

which must be considered when conducting experiments.

6. There is a lack of reliability analysis for the proposed system, such as redundancy, the
rocking mechanism, and the factor of safety, in studies pertaining to the reliability
analysis of the system. Perform a reliability analysis for critical factors, including post-
tensioning force, and others.

7.7 Future Work

This work provides a foundation for future research inteCBF systems, including muiti

storey applications, optimisation of design methodologies, and exploration of advanced
materials.The combination of dynamic models and experimental tests opens up opportunities
for conducting more extensive and detailed studies, particularly in the context oftordti

SCCBF structures subjected to earthquake loading. The integration of dynamic modelling
capabilities provides a platform for-depth exploration of the seismic performance of SC
CBFs, enabling researchers to develop deeper investigation into their responses and behaviour
under dynamic earthquake conditions. Several points requiring more research are highlighted

here, based on the research presentéusnvork:

1. Study the possibility of combining different systems to achieve cost cptioni and

enhance the redundancy factor of the structure under design.

2. Explore the impact of fire on the SCBF system. Implement an-aepth examination
of the fire scenario within the SCBF system to obtain a comprehensive understanding

and determine the critical necessity for implementing fire protection measures.
3. Investigate the influence of impact loads on the behaviour of thé EFCsystem.

4. Research the impact of pestrthquake fires on the STBF system and assess the
necessity for fire protection to preserve the system's behaviour and mechanical

properties.

5. Use threedimensional analysis with varying demand ratios in different directions to

study effects of torsion and other irregularities.
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Investigate the effect of the support conditions onrteking mechanism and self

centring behaviour of the entire system.

Implement and integrate the SIBF system to comply with various international

building codes, promoting its wider recognition and utilisation.

Evaluate the potential for integrating this system into existing structures and enhancing

retrofitting strategies through the utilisation of sgdhtring systems.

There is a need for further investigation into the validity limits for different types of
irregularities.There is insufficient information regarding the boundaries or thresholds

for various types of irregularities, particularly for the proposed system.

Conductinvestigationsandstudies on the fragility, resilience, and sustainabilitthef
SCGCBF system.

Furthermoreconsidering the potential threat of increased wind loading on buildings
due to the effects of climate change, the performance of the innovath@BEC
structure will be assessed within this context. Emgimgsithe significance of a
sustainable approach, it should be regarded as a paramount priority in all endeavours

aimed at fortifying structures against seismic and natural hazards.
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A.1 Design Philosophies

In this researchthe Eurocode standards are adopted in order to critically analyse and design
the conventional concentrically braced frame (CBF) and the novetesdling concentric
braced frame (SCBF) systems. The structural design principles are based on EN 1990
Eurocod€g 327, which establishes the fundamental principles of structural design. Furthermore,
EN 1991, Eurocode [1310] provides guidance on the various actions affecting the structure.
Since these frames are associated with steel structures, EN 1993, Eurock@le] 3 |

specifically applicable to them.

The application of Eurocode 8 is essential for addressing seismic loads on the structures. The
seismic performance levels of the structures should be applied to the steel structures. A variety
of design approaches were employed to compare the resultdeanrtdyi the optimal design
parameters for both fordeased and displacememised methods. The compared results of
these methods will draw the design procedure steps for the noveést# CBF. Figure Al

provides valuable insights into limit state design, covering both serviceability and ultimate

design requirements.

Figure A 1: The required limit states of design purposes according to B328] [
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In general, all codes propose a welown design method based on the strength design
procedure, namely fordeased design (FBD). It is worth mentioning that most codes provide a
clear procedure for the design steps of FBD taking into consideration éhetacacterisation

of the material, structural system, and site classifications. A new approach to design philosophy
emerged due to the drawbacks of the FBD design procedure and the indispeasdbie
measure the performance behaviour of the structBresstley et al.]7] have proposed a direct
displacemenbased design (DDBD). They gave a clear methodology of a design procedure for
the fundamental displacement approach of the single degree of freedom. More details about the

two methods will be discussed later in this dkap

Recently, the performance approach has become more recognised in the seismic design
approach. As part of the preliminary design process, the selected performance objectives are
described and used as input design criteria. It is then necessary to evaymdgdrmance of

the designed structure in terms of achieving the predefined objectives and then to repeat the
process, if necessary, until all desired design objectives are met. As shown in FigutteeA
procedure was initially outlined in the FEM#5 document, which was issued by the Federal
Emergency Management Agency of the United States (FEMA). This approach aligns with the

performance design objectives adopted in most international ¢8ad$.

Figure A 2: A schematic of the fundamental approach for the performbased design
method. 324]
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A.2 Performance Requirements

Several engineering expertise and practices are intended to use a new approach to design
philosophy. The performand®msed design was initiated in order to limit the earthquake severe
damages and to provide a life safety of the constructions and struafteesny seismic
activities. Recently, as a result of the consequences of the repairing and rebuilding costs, this
approach was adopted from most codes and standards. Fig@eiows the graphical
illustrations of the performance level of the structure due to lateral deformations induced by
seismic force.

Figure A 3: The graphical illustrations of the performance level of the structure due to
lateral deformations induced by seismic forf@82]

Summary of the four performance stages of the structure as described in different international
codes and standards besides the expertise practices as follows:

1. Fully Operational:

Where the structural and natructural damages were negligible and all necessaries’ facilities
are running in good conditions.

2. Operational:

No serious damages are documented, and all essential facilities and services are functioning.
Minor nonstructural damages and ndestructive damages are noticed for mssential

facilities.

3. Life Safety:
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In this stage of structural performance, moderate damages are documented in some structural
and nonstructural elements. The structures and buildings remain stable but some repairing and

fixing requirements are needed.
4. Near Collapse:

Life safety of the structures is not protected, severe damages and kesegsare recorded.

Rebuilding and replanting districts are crucially needed.

A number of risk assessment categories based on probabilities of earthquake exceedances are
used in the seismic hazard design. There are four design levels or seismic intensities according

to the definition of the structural engineering association ofd@ala (SEOAC), Figure A4

depicts the matrix of performance level of the structures based on the seismic risk assessment

[325327].

Figure A 4: Matrix relationship between the performance level and seismic design level
[294, 328, 329]
Two performance objectives are targeted in seismic design levels according to hazard level. The
first hazard level is the 10% probability of exceedance in 50 yearyy&&fSeturn period) and
the second one is the 2% probability of exceedance in 50 yearsy@di7Eeturn period)lhe
earthquakes representative of these two levels are termed as the design basis earthquake (DBE)
and the maximum considered earthquake (MCE), respectifaddle A 1 refers to the inter

storey and residual drift ratios based on design performance level.
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Table A 1: Performance objectives for different seismic hazard levels

Hazard level Inter-storey drift Residual drift

DBE 2.5% 0.2%
MCE 4% 0.3%

It is interesting noting the 50% probability of the exceedance in 30 yege&t3eturn period)

is a serviceability earthquake (SE) that a sustain adaomage structure at a minor level of
earthquakeslable A 2 shows the performance criteria of the building according to the seismic
hazard levels based on VISION2000, FEMA, and EN1®#)-832].

Table A 2: The performance level of the building based on various seismic hazard levels.
[312, 333, 334]

Seismic Hazard Level Performance Level Probability/year Critical Limit (Drift)

SE 10 50%/50yr 1%
DBE LS 10%/50yr 2%
MCE CP 2%/50yr 4%

Almost all performance descriptions in the FEMA 356 framework have four levels: operational,
immediacy occupancies, life safety, and collapse prevention; VISION2000 has four levels: fully

operational, operation, life safety, and near collafs39,[331]

DM2008 [335], as the Italian Code for Constructions, specifies a total of four performance
levels operational, damage limitation, life safety, and collapse prevenioereas EN1998-

[336] lists three performance levels (target¥)amage Limitation, Significant Damage, and
Near Collapse. As an operative criterion, each performance level must be associated with
estimated maximum levels of damage caused by the elements, identifying them as the
performance objectives and, in general, identifying the building performance that is affected by
damaging effects to structural and r&iructural components. The description of these four
damage levels is as follows: Operational level: Structural caeme and nostructural
components are not damaged; the building can be occupied and used as usual; some essential
systems may not work; there is extremely little danger to life. Immediate occupancy (10): A
building that suffers little structural damagedaonly minor damage to its n&tructured
components; following a major earthquake, mstmictural systems may not function;

reoccupation immediately possible; some cleaning and repair; resuming utility

Therefore, EN1998 [336] proposes the following three levels of building performance in a
general overview to describe these three levels as follows: Damage Limitation (DL): In addition
to the light damages, structural elements were prevented from substantial yielding; non-
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structural components had distributed cracks; repairing structural parts was economically
beneficial; structural parts did not need any repair or maintenance. Significant Damage (SD):
The structure endured significant damage; it has residual lateraltbtramg stiffness; the
vertical elements can carry a vertical load; the-sipactural structure is not out of plane; the
structure has moderate permanent drift; the structure is capable of withstanding moderate
aftershocks; repair of the structure is nobreomically viable. Near Collapse (NC): Several
damaged columns with low remaining lateral strength and stiffness; vertical elements in a
position to support vertical loads; collapsed stmictural elements; large permanent drifts; the
structure is close to collapse and is unlikely to survive another earthquake, even one of moderate
intensity. B30-332]

It is interesting to note that VISION2000 and DM2008 described the building performance
qualitatively in a manner quite similar to that proposed by the Federal Emergency Management
Agency (FEMA) and by EN1998B0-332].

Moreover, the performance criteria of the Chinese seismic code, GB2001{337], specifies

five levels of performance based on the three seismic hazards, where the descriptions of
summarised categories are as follows: Minor earthquake with 50 years returns period: In all
likelihood, the structure will continue to serve without damaigeeed for repair. No repairs

are necessary. Moderate earthquake with 475 years return period: Despite minor damage, the
structure should still be able to be used, the structure will remain functional. A major earthquake
with 2000 years return period: Bygte of serious damage, a severe failure or collapse of the
structure isn't acceptabl&d7]

In general, the intensity of seismic hazard can be described by the Medium Recurrence Interval
(MRI) and the Probability of Exceedance (PEble A 4 depicts the coherent relationship
between the seismic action and the hazard at each level and the expected building performance
level [333, 338344]

Due to the high difference in MRI damage levels resulting from the proximity of a structural
collapse and the prevention of it, the considered approaches present a remarkable difference.
Additionally, it is noteworthy a large difference between Italian 6£&dM2008 and other
standards in correspondence with the operational performance objective as illustrated in level
three according to Figure-A[294]. Table A 3 provides relevant information about the residual

drift limit in conjunction with seismic hazards, as illustrated in Figuré A
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Figure A 5: Matrix relationship between the Seismic Hazard and Earthquake Performance
level [294, 328, 329]

Table A 3: Residual drift performance limit for realistic sentring systemg$312, 333,
334]

Seismic Hazard Residual drift limit (%)

EQI 0.1
EQI 0.1
EQII 0.2
EQIV 0.3

Table A 4: Earthquake hazard level of different standards in correspondence of the
performance Objective level812, 333, 334, 33844]

_ FEMA 365 SEAOC EC83 DM2008 GBS50011
292 Frequency vision 2000 -2001
S 3 MRI PE MRI PE MRI PE MRI PE MRI PE
g% Frequent 72 50%/50 43 50%/30 - - 72 50%/50 - -
S N Occasional 225 20%/50 72 50%/50 225 20%/50 140 30%/50 50 63%/50
T Rare 474 10%/50 475 10%50 475 10%/50 | 475 10%/50 475 10%/50

Very Rare 2475 2%/50 970 10%/100 | 2475 | 2%I/50 975 5%/50 2000 2%/50
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A.3 Force Based Design Method
A.3.1 Force Based Design procedure (FBD)

According to this method, the strength of the elements should be assigned at the beginning of
the design procedure. The FBD method depends on the calculated elastic stiffness based on
chosen member sizes to calculate the fundamental periods of the structure. Then the designer
uses the appropriate acceleration response spectrum and the elastic base shear. Several studies
presentedhe deficits and problems of FBD method and proposed a performance approach as

an alternative, especially in seismic design and risk assessment of the structures-Fégure A
illustrates the structural configuration and lateral load distribution of the steel concentrically
braced framg294

Figure A 6: Structural scheme configuration of conventional CBF fra2@4]

The forcebased design (FBD) methodology is used in accordance with the European code
[232], which summages the first steps in the scope system's design analysis processes, as seen
in Figure A 7.This section will go into detail about the calculations and specific steps involved

in determining the base shear force based on the European standard. Methodologies and
procedures for design are demonstratedepth and with clarity. The flowchart pregsga clear
analysis and design process of the-selitred CBF system, which forms the basis of this
research. This approach is supported by a case study that providebgstgpillustration of

the procedure, offering a practical and tfsiendly design manual for engineers and industrial
applications.

-315-



Appendix A. Design Codified Guidance

Figure A 7: General flowchart of the FBD procedure for-8BF structural system based on
Eurocode

A.3.1.1 Action loads on structures

In compliance with EN 1991 Eurocode 1, various actions are applied to structures,
differentiating between permanent (dead load) and variable (imposed) loads. Therefore, to
ensure the structural functionality, relevant design situations, as per EN 1990benus
considered. The ultimate limit state is verified through different load combinations
corresponding to various design situations. Eurocodg@0Q], as outlined in Clause 6.4.3.1,

provides two methods for load combination, expressed in the equation below:

7.5= ath)spt (E3e+ 0,034 Al

As per Eurocode 1, the combinations of actions for the Ultimate Limit State (ULS) are specified
in Equation 6.10b of EC02]0].These combinations are presentediahle A 5 andTable A

6 [322. The factors for these combinations are based on the clauses mentioned abdwd (BS -
1990), Table Al (2) B, Clause 2.2.3.2 (NA3RP
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Permanent actior (A= 1.35

Variable actions (k= 1.5

Table A 5: Design values of actions, ultimate limit stpirsistent and transient design
situations (Table A1,2(B))3p2]

Combination Permanent Leading Accompanying
expression actions variable action variable actions
reference
Unfavourable  Favourable Main (if any) Others
Eg. 6.10 @hqsnGihqsn @hglcﬁihgld @SQiS @5 64gQig
Eq. 6.10a @pgsGingsn @ugiSingid @5 045Qi5 @5 04Qig
Eqg. 6.10b lngs Cingsn  @ugi Singld @RQis @5 90.Qig

Table A 6: Design values of actions, ultimate limit stpirsistent and transient design
situations (Table A1,2(B))3p2]

Combination Permanent Leading Accompanying
expression actions variable action variable actions
reference
Unfavourable Favourable Main (if any) Others
Eqg. 6.10 1.35G; 10G; 15Q;is 15 0,Qiq
Eqg. 6.10a 1.35G; 1.0G; 15 045Q;i5 @5 0,4Qiq
Eq 6.10b 0.925x1.35 G, 1.0 GI 15 Qi5 @5 64gQig
Where:

G: The permanent action (dead load)

Q: The variable action (live load)
&The reduction of unfavourable permanent action. The valsésdd.925 when the gd 1.35

in order to reduce the effect of the overall unfavourable action to 1.25.

The patrtial factors for different resistance classes are defined in Clause 6.1 ofIECBel
values for these partial factors can be sedrabie A 7[309]

Table A 7: The numerical values of partial factors for particular resistance.

Partial Factors ~ Ug,= 1.0
O = 1.0
Ugs= 1.25
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In this case, A represents the crosectional resistancelz the member instability, and

Ugs the fracture tensile resistance.

Reliability and statistical studies have been conducted by various international codes to account
for the likelihood of loads not being present over the entire structure during an earthquake.
These studies come up with combination coefficients that aik insdifferent load cases.
Typical values of the partial, combination and reduction factors as given in the UK National
Annex are given ifable A 8 andTable A 9[237 .

Table A8 5HFRPPHQGHG YDOXHYV R(haled RUTEbER @.F of EO3MRaQ J o
1, BS EN 1998: 2004).

Type of variable action Storey 1
Categories AC? Roof 1.0
Stories with correlated 0.8
occupancies
Independently occupied 0.5
Categories BF?* and Archives 1.0

Table A9 5HFRPPHQGHG YDOXHV RI % IDFWRUV IRU EXLOGLQJ

[322]
Action 04 05 Og

Imposed loads in buildings, category (see EN 184)
Category A: domestic, residential areas 0.7 0.5 0.3
Category B: office areas 0.7 0.5 0.3
Category C: congregation areas 0.7 0.7 0.6
Category D: shopping areas 0.7 0.7 0.6
Category E: storage areas 1.0 0.9 0.8
&DWHJRU\ ) WUDIILF DUHD YHKLFOH ZF 0.7 0.7 0.6
Category G: traffic area, 0.7 0.5 0.3

N1 YHKLFOH ZHLJKW ” N1
Category H: roofs 0.7 0.0 0.0
Snow loads on buildings (see BN91-1-3)
—for sites located at altitude H > 1000 m 0.7 0.5 0.2
above sea level
-IRU VLWHY ORFDWHG DW DOWLWXGH + 0.5 0.2 0
above sea level
Wind loads on buildings (see EN 1994) 0.5 0.2 0
Temperature (ncfire) in buildings (se&N 19911-5) 0.6 0.5 0

A.3.1.2 Seismic design based on Eurocode 8 (Clause 3.2.4, EC8)

In accordance with Eurocode 8, the calculated seismic loads applied to the structures are derived
from the total permanent dead load and a fraction of the variable loads, as determined by the

following equation. 237
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IC= d\)pyr NOs o 3pcg A.2

Where:

mg= Gravity loads of all masses = mass x acceleration in (KN),

) b ¥ Permanent dead load.

d+,5 Combination coefficient for variable actions (Clause 4.2.4),
where 85,3 3 Vg

The recommended values ofr@ listed in Table 4.2 of ECS8, Part 1.

3p & Variable load, including snow load,

The combination coefficients sfthat used to calculate the seismic actions from the above
equation. the combination coefficient is function & The recommended values of these
coefficients (@¢) are listed in Table A1.1 according to EN 1981. In our case, with a category
area A and B, domestic residential or office arégs0.3 (Table A 9) and 3 Table A 8).

Therefore, the seismic gravity loads are:

0y,5 1% Ogp

85,5 1% Bg= 1x03=03 A. 3

IC= dN)py 03x N3,9G0 A. 4

A.3.1.3 Seismological actions (Clause 3.2 of EC8)

Eurocode 8 standard has two different seismic design categories based on seismic
characteristics and risk magnification. Two types of seismic action are proposed by ECS.
According to the released energy and the magnitude of the earthquake, Type 1 sefivesent
moderate to large magnitude with a surface wave magnitude Ms greater than 5.5, while Type 2
defines the low magnitude earthquakes with a surface wave magnitude Ms less than 5.5. The

response of the spectral acceleration of Type 1 agrees with e&kehspbamagnitude, while
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Type 1 derived of earthquake magnitude of 7 at an epicentral distance of R= 30 Km. According
to EN 19981 Eurocode, the seismic hazards are described based on the reference peak ground
acceleration on firm ground. The two types of seismic action basée seismicity levels are

as follows:
Type 1: High seismicity (large magnitude)
Type 2: Medium (small magnitude)

A.3.1.4 Ground type identification (Clause 3.1.2, EC8)

The geotechnical study and site investigation are crucial key issues in order to calculate the
seismic response on the structure. Different ground type classes influence the seismic actions.
The main parameter of the geotechnical study is the shear wave velocity that represents the
strength of the soil in terms of seismic propagation. The classification of the soil is based on
the shear wave velocity of the top Bter deposit of the soil. In accordance with EC8, there

are five classified soil profile tyge A, B, C, D, and E, as outlined in Table ®f1EC8
Moreover, there are two additional categories, Soil Profile Types S1 and S2, which are
designated for soils that necessitate-sgecific evaluation, as indicated in the same table
(Table 3.1 of EC8)[232]

The brief description of the five different soil classes is: soil type A represents the hard rock
with high shear velocity content, while soil type D is the soft soil with shear wave velocity
below 180 m/s. B and C classes classified as an intermediagetehistic for the presence of

soil deposits. It is worth noting that such soil types need for more investigation and geotechnical
study as these types of the soil have highly influence on the response of the seismic wave and
site effect characteristics. For a more comprehensive understanding and detailed descriptions

of these soil typegable A 10 From EC8 232] provides valuable information.
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Table A 10: Ground types (based on Table 3.1 of EC 8 (Eurocode, 2004))

Parameters
Ground Description of stratigraphic profile Shear wave NSPT % (Kpa)
types velocity 8§ 7,  (blows/30cm)
(m/s)
A Rock or other rocltike geological >800

formation, including at most 5 m of weaker
material at the surface
B Deposits of very dense sand, gravel, or ve 360-800 >50 >250
stiff clay, at least several tens of meters in
thicknesscharactesed by a gradual
increase of mechanical properties with def
C Deep deposits of dense or medidense 180-360 1550 70-250
sand, gravel or stiff clay with thickness from
several tens to many hundreds of meters
D Deposits of loose to medium cohesionless <180 <15 <70
soil (with or without some soft cohesive
layers), or of predominantly soft to firm
cohesive soll
E A soil profile consisting of a surface
alluvium layer with Vs values of type C or D
and thickness varying between about 5 m
and 20 m, underlain by stiffer material with
Vs > 800 m/s
S1 Deposits consisting, or containing a layer ¢ <100 10-20
least 10 m thick, of soft clay/silts with (indicative)
plasticity index (2;> 40) and highwater
content
S2 Deposits of liquefiable soils or sensitive
clays, or any other soil profile not included
in types A-E or S1

A.3.1.5 Seismic action representation (Clause 3.2.2 of EC8)

According to Eurocode 8, the seismic force is characterised by an elastic response spectrum.
The elastic response spectrum is then modified by factors that consider the ductile behaviour of
the building. This spectrum is divided into four categories ireotd cover all different
structural types. The stiff buildings and lgperiod structures are in the first range, while the
highyeriod and soft structures are in the last part of the spectrum. Fig8shAws the elastic
response of the design seismic action. This spectrum, as indicated in the equations below, refers
to the ground acceleration on rock deposit. Other ground response spectra will be presented in
the next section for six ground classificais based on Eurocode. This gives more
demonstrations about the effects of the different parameters on the elastic response spectrum.
Additionally, it's worth noting that this response spectrum exclusively relates to horizontal
seismic loads, following thguidelines in Clause 3.2.2.2 of EC8. The same parameters are used

to determine the horizontal and vertical dimensions of seismic response spectra. Therefore, the
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average vertical design acceleration may be calculated from the horizontal component. The
vertical acceleration can be multiplied by 0.9 for type 1 earthquakes and 0.45 for type 2
earthquakes. The vertical component should only consider with huge spas) baatitevers,

or any other unusual construction scenario. More details and information about the seismic

vertical component can be found in Clause 3.2.2.2 of 2G3][

Figure A 8 The shape of elastic response spectrum according to 2G3. [

The elastic response spectrum functions, which depend on soil classifications and peak ground

acceleration, are expressed mathematically in the following equations.

0Q6Q6,,5(0= :05(1+E6(r32,5 F1)) A.5
6, Q6 Q6, 5(6= = 5R25 A.6

6/4
6,06Q6,5(6= =05r52,5.—6 A7
6,Q6 Q45,56 = :0582,5(6@%3 A8

Where:
54 6 : Elastic response spectrum (Table 3.2 and Table 3.3 of EC 8)
=3 Design ground acceleratiomtype A soil (5= U=
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Tg: Lower limit period of the constant spectrum curve
Tc: Upper limit period of the constant spectrum curve
Tp: The beginning of the constant spectrum curve

=& The peak ground acceleration reference value for type A ground (rock).

5: Soil factor (Rock reference)
3: Damping correction factori= 1 BKW " @ ILEJC

The equation for the design ground acceleratigg= ( =2 includes the importance class

of the building, denoted ass Ohe code categags buildings into four importance classes.
While countries implementing the code may have the flexibility to choose importance factor
values through their national annex. Buildings of minor importance, such as sheds or barns, are
assigned an importance ftacof 0.8, while structures of regular importance are designated a
factor of 1.0. More significant buildings, such as schools, are assigned a recommended value
of 1.2, while vital structures like hospitals or power plants are given an importance factor of
1.4.

In order to modify the design spectrum based on different viscous damping, the damping
correction factor is employed, as presented in Equaki¢h The expression that EC8

introduced to estimate the previously mentioned factor is shown below. A spectrum correlation
with the fundamental 5% viscous damping is provided by this expression. The damping

correction factor is therefore equal to 1 whendhmping ratio is 5%.

R= ¥10/(5+ & RO55 BK® EBBA@ALP)C A.9

However, it is possible to draw the response spectrum for different damping ratios in order to
see the effect of the higher damping ratios on the culleselastic response spectrum and
spectral displacement for the same soil profile are presented in FigQrand Figure A 10

for Type 1 and Type 2, respectively. These figures were created based on Eurocode 08, utilising
a soil classification of A with a peak ground acceleration of 0.3g, accounting for different

damping ratios.
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Following EC8 and referencing section 3. Ejure A 11andFigure A 12depict the response
spectra and spectrum displacement for the five different soil types for two seismic hazard types
(Type 1 and Type 23nd for 5% damping ratio, respectively.
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A.3.1.6 Importance Factors (Clause 4.2.5 of EC 8)
The Eurocode designates four classes of importance factors for buildings, each represented by
a value ranging from 0.8 to 1.#able A 11 provides a description of buildings in each class

along with their corresponding importance factors (as per Table 4.3 of EC8). The importance

factors for different design risk categories, according to EC8, are giv&alle A 11
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Table A 11: Importance factors for different building classes based on EC8.

Risk Category | 4= 0.8
Risk Category Il %= 1.0
Risk Category Il (high occupancy) 4= 1.25
Risk Category IV (essential facilities) 4= 1.40

A.3.1.7 Determination of the fundamental period of structure (Clause 4.3.3.2.2 (3) of EC8)

In most international building codes worldwide, the empirical formulas for determining the
fundamental periods of structures, including steel MRF and CBF, are primarily based on the

building's height and the number of stories.

While there, a few codes have different forms of the periods that try to involve more parameters
to calculate the periods of the structures attempting to miaiarid decrease the uncertainties

between the actual and approximate values of the structural periods. This estimation of
structural period is significantly important in the seismic design of structures, especially when
the approximate empirical formulas give an underestimate of natural periods of structure which

lead to lower base shear force than actual.

Thus, while the empirical code formulas depend on the structure's height and number of stories,
the SDOF formula (EgA.11) depends on mass and stiffness and is more sensitive to the
dynamic properties of the structure. The empirical formulas @&@0) have various
coefficients and formats. For example, the formulas from Eurocode 8 are represented by the

equations and parameters below. The period, T is given by:

6= % D) A. 10

Where:

D=Height of structure in meters from the foundation or from the top of rigid basement

%= Factor given by:

%~0.085 for moment resisting space steel frames

%= 0.075 for reinforced concrete moment resisting frames and eccentrically braced frames
%=0.05 for all other buildings

T= The undamped natural period of a single degree of freedom system which is the time
required to complete one whole cycle under free vibration.

-326-



Appendix A. Design Codified Guidance

T can be given by:

2¢e 2¢e
6= — = @ ? KIP@ AH A. 11
n ¥- aof

The natural frequency, f is given by:

1
B= —= A. 12
6

Where:

& Angular frequency of the system
m= Mass of the system
K= Equivalent stiffness of the system

It is worth noting that the natural period of the-S8F system will be less than that of a
conventional CBF system as the former exhibits more stiffness due to the additional lateral
posttensioning force. However, due to absence of detailed studies on this issue, the same
formula and coefficients of the CBF system to calculate the natural period of toerseifig

system will be uses. Therefore, the -S8F fundamental periods based on approximate
empiricd expression from EC8 will be estimated. This is a valuable point to highlight, as the
given value is only an approximation, and the real period of the structure remains uncertain,
particularly in both short and long periods. This uncertainty introduces the potential for
underestimation or overestimation when using the Eurocode expressions. Further discussion
and illustration on this topic are essential due to the significant implications it has for accurately
estimating base shear. Accordingly, the fundataeperiod of the structure is based on
approximate empirical expression, where the coefficient used in the empirical natural vibration
period (%9Rs 0.05 (Clause 4.3.3.2.2(3) of EC&3PR]. Therefore, the SC©BF fundamental

period according to EC8 becomes:

6= 0.05( DC,)% A. 13
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A.3.1.8 Ductility classes and design requirements (Clause 6.1.2 of EC8)

Ductility is a measure of the ability of structures to dissipate energy through inelastic
deformation. According to EN 1998, by considering the inelastic deformations, the seismic
forces for the design can be smaller than those resulting from linear edagionse. Therefore,
complex nonlinear structural analyses can be avoided in the initial design phase. It is possible
to conduct an elastic analysis using a response spectrum that has been reduced from the elastic
spectrum, referred to as a "design spent” This design spectrum is used to calculate the
behaviour factor 'q' for different structural systems and materials, based on their ductility
classifications. Two concepts of the design approach could be used in seismic resistant steel
structures basesh EN 19981 6.1.2(1)H232] concept a: lowdissipative structural behaviour;
concept b: dissipative structural behaviour. FigurelA illustrates the diagram and gives

information on the ductility classes of the design requirement based on the European code.

Concept a, relies on an elastic global analysis that ignoreineam-behaviour in order to
calculate the action effects. Using concept, a, the impact of an action may be calculated by
neglecting the noiinearity of the behaviour and performing an etaglobal analysis. The
behaviour factor that must be assumed in the calculation must be less than 2. In accordance
with concept a, structures are classified as "DCL" (Ductility Class Low) which have a low
dissipative characteristic. Therefore, the memia@d connections are designed without any

additional requirements or criteria.

Concept b, the ability of the structures’ parts to dissipate energy through inelastic deformations
that are sustained due to seismic excitation. The behaviour factor that must be assumed in the
calculation, which must be greater than 2, depends on thmisesructural system. Both
ductility classes according to concept b: medium structural ductility class “DCM” (Ductility
class Medium) or “DCH?” (high structural ductility) class could be used. Essential requirements
are needed for seismic design to wiimgt local and global structural failure. The conventional
seismic resisting systems are categorised into various ductility classes, determined by the
presence of dissipative elements that enable them to absorb seismic energy. In contrast, the
innovative sH-centring system incorporates a dissipative mechanism through the inelastic
behaviour of the brace elements. Additionally, it utilises a rocking mechanism to facilitate
horizontal drift movement during the seismic excitation. Consequently, theeseihg system

is characterised by a high level of structural ductility, placing th€€B€E system in the DCH

class category.
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Figure A 13: The schematic diagram of the ductility classes based on EG3] [

A.3.1.9 Design spectrum for elastic analysis (Clause 3.2.2.5 of ECS8)

In compliance with Clause 3.2.2.5 of Eurocode 8, which aims to avoid the inelastic structural
analysis and to cover the ductility behaviour of the elements in the structure to dissipate the
energy, thus, elastic analysis is conducted using reduction. fidehseion factors are outlined

in Table A 12 andTable A 13, defining the behaviour factor for the seismic lateral system.
Notably, selfcentring systems are characted by a behaviour factor "q" greater than 4.
Eurocode 8 provides the behaviour factors “q” that represent the structure response of the
various structural systems namely, moment resisting frame, concentrically braced frame,

concrete structure, and othémustures.
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Table A 12: Upper limit of reference values of g for CBFs with diagonal bracih§8,[232]

Structural type Structural ductility class

DCL (Low)  DCM (medium)  DCH (high)

g Q.52 g< 4 q R4

Table A 13: Crosssectional requirements for local ductility of steel elemdi2(32]

Structural ductility class  Range of the reference values df Required crossectional class
DCM (medium) 15< MQ2 Class 1,2 0r3
2< MQ4 Class1or2
DCH (high) M> 4 Class 1

In general, if the stiffness of the structure is high to intermediate with fundamental periods
below 4 sec, the elastic displacement spectrum can be derived from the elastic acceleration

response spectrum Se(T). Therefore, the elastic displacement spexjpmassion is given by:

6
5(6 = 546 %Eéh A. 14

Figure A 14 compares between the three different spectrums of acceleration, velocity, and
displacement. The schematic diagram illustrates the three spectra graphically in order to show
the response effects on the structure. Figur@éprovides a schematic diagram, including
views, of the acceleration, velocity, and displacement spectra. When the period is very small or
zero (T < B), indicating a rigid building, the structure's motion directly closes to the ground
motion. In such cases, these structures must be designed to withstand the maximum ground
acceleration. For structures with periods betweeand Tc, the acceleration is at its peak and
remains independent of stiffness. These structures are classified as accederditive. In
contrast, if a structure is flexible with a period exceeding IS displacements become
independent of the period and are notably larger than ground displacements. These buildings

fall into the displacemerdensitive category and should be designed to have adequate
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displacement capacity. Structures within the intermediate period rarge {T< Tp) are

considered velocitgensitive, as velocities are most significant in this scerjafd,

Elastic spectralacceleratior{g)

Spectral- displacement

Period
Figure A 14: acceleration, velocity and displacement spe¢z84]

Therefore, for a flexible structure (low stiffness) with a high natural period of more than 4 sec,

the maximum ground displacement will be defined as follows:

@= 0025 5, 56,6, A. 15

When the natural period of a structure exceeds 4 seconds, it implies that the response of the

displacement spectrum of the structure decreases relative to the ground displacement.

A.3.1.10 The Behaviour factors (Clause 6.3.2 of EC8)

The behaviour factor “q” considers the nonlinear behaviour of the structures. E&Z)8 [
provides different values for g based on various materials and structural systems that exhibit
different dissipation systems. It is worth noting that the behaviour factor q has different name
in different codes and it may be having different values of the horizontal directions based on
the lateral structural systems. However, the ductility classification in all directions of the
structure must be established prior to the design stage. Figlizikustrates the difference
between the design and elastic response spectrum considering the behaviourTzoi®Ag.

12 andTable A 13 present the different values of ductility classes and behaviour factors for

various structural systemBable A 14 shows the design spectrum of the response analysis.
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Figure A 15: Elastic and design response spectrum based on Euroc$daZ.

Table A 14: Definition of Eurocode 8 design horizontal acceleration spectf@sg]

Interval 5(6
0Q6Q6 Q5B+ @ F-AC
R 25
6 Q6Q6, QxS
~ 6917
= 5——
6,06 Q86, Max eLé",{E ai’
W=e
~ 69171
= ph— 1t
6, Q6 Q40 Max e° "5 a i
U=ue

U : The importance factor of the design structures according to the Eurocode 8 (Table 4.3)

Sy(T) : Design response spectrum

U: The lower bound factor for the horizontal design spectrum

A conventional elastic analysis model with 5% viscous damping iseadtiio estimate the

seismic forces that the structure would experience under completely elastic response conditions.

This approximation relies on the behaviour factor "q" to ensure that the structure responds

adequately to seismic forces. Different beharfaators "q" are provided for various materials

and structural systems based on their respective ductility classes, considering the impact of

viscous damping other than 5%. Figurel&illustrates a straightforward relationship between

ductility and the seismic design action used to determine the behaviour factg2@gjue.
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Figure A 16: The behaviour factor graphically estimation according to EQ82]

Ux: Multiple of horizontal design seismic action at formation of first plastic hinge in the system
U : Multiple of horizontal design seismic action at formation of global plastic mechanism

M : Basic value of the behaviour factor

The behaviour factor of the SCBF system is currently under significant debate. Priestley
suggested a modification factor that influences the behaviour of theesgting system, which
decreases the q factor used in the FBD method. This modification ¢ecreases g to almost
half of the value of conventional systems for the same ductility level, which leads to the
increasing the base shear in theeGBF system. However, for the particular case study, the
chosen behaviour factor for the €BF systemd similar to that of the conventional CBF
systemkigure A 17 displays various responses of the elastic spectrum for different behaviour
factors (q) for Type 1 and Type 2, respectively. The soil profile and damping factors remain
consistent for both plots in Figure A7.

-333-



Appendix A. Design Codified Guidance

o
()
S

0.30
8025 B 0.25
= &
= —_— AT 2@ — AT R
20.20 ] g 0.20 -
8 — ¢ A qE) — A
%0.15 — A ‘—g_ 0.15 <AT
2 &
go.lo <Ad EEO.IO <Ad
(%’_ — A KA 2 0.05 - AQKA
0.05 2
0.00
0.00 0.00 1.00 200 3.00 4.00 5.00
0.00 200 4.00 6.00 Period T(s)
Period T(s)
D 7\SH ZLWK DQG GLIIH E 7\SH ZLWK DQG GLIIH
Figure A 17: Elastic spectral pseuld® FFHOHUDWLRQ D 7\SH ZLWK DQ¢
(b) 7\SH ZLWK DQG GLIIHUHQW T.

A.3.1.11 Seismic base shear force (Clause 4.3.3.2.2 of EC8)

As per Eurocode 8, in accordance with Clause 4.3.3.2.2, the seismic base &ree (
determined using the equation provided below:

8= 5(6).1.4 A. 16
5( 6) = Ordinate of the design spectrum (see Clause 3.2.2.5) at T1

6, = Fundamental period of vibration of the building for lateral motion in the direction

considered, this period could be evaluated by empirical code formula or numerical modelling.
m = Total mass of the building above the foundation (participation mases in seismic force)

&RUUHFWLRQ IDFWRU LI 7 » 7& DQG WKH EXLOGLQ
otherwise.

The above equation is the abstract of the base shear force excluding the additional effects due
to the accidental eccentricity and analysis method effects.

A.3.1.12 Accidental effects (Clause 4.3.2 of EC8)

In order to account for the eccentricity of the distributed masses, additional forces should be

added to the seismic base shear force. The spatial variation of mass at each floor i should be
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considered by an accidental eccentricity. The calculation of this additional factor calculated by
the multiplication of the floor dimension perpendicular to the seismic action by 5 percent. The
accidental eccentricity factor is:

Ag DO5.y A. 17
Where:
A 3 The accidental eccentricity of ith storey mass

. The floor dimension perpendicular to the seismic direction.

Thus, the seismic force should be increased due to the accidental eccentricity by a fagtor of

and the seismic load is:

&g (o AU A.18
A.3.1.13 Method of analysis (Clause of 4.3.3 EC8)

According to Clause 4.3.3 of ECS8, in such cases, all seismic effects based on the methods of
analysis should be multiplied by a Seismic action effect factor (m), which is typically set to
1.25. Further details about the analysis methods and their regniseca@ be found in Section

4.3 of EC8.

A.3.1.14 Design base shear force

The total demand of the design base shear force is calculated based on the criteria mentioned

above, and the equation is as follows:

& aF 8 (B=Kmhg){ B=KMN) A. 19
Where:

8y ¢ The total design base shear

&: 5(6). 1.1 A. 20
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A.3.1.15 Check stability second order effects (Clause 4.4.2.2(2) of ECS8):

The seconarder effect, often referred to as thelreffect, signifies the increase in internal

forces within a structure due to the interaction between lateral drift caused by seismic forces
DQG WKH LQIOXHQFH RI JUDYLW\ ORDGY *HQHUDOO\ VSHDN
an increase in the demand of the members to resist applied loads and can cause a decrease in
the capacity of the elements. Figure 28 shows a sketch of a single degree of freedom
representing single storey structu?®4]. The effect of the additional moments and shears due

to the both lateral displacement and gravity loads may lead to instability of the structure.
Eurocode 8 proposed the interstorey drift sensitivity coefficidafuation A.21 expresses the
parameters used to calculate this coefficient.

Figure A 18: P-delta effect of SDOF systeri294]

a= 20 @ A.21
Sac *

Where:

2:¢is the gravity load considered on and above a storey in the seismic design situation
8¢ Is the total seismic storey shear

H is the storey height

@is the design inelastic interstorey drifDAN@= M@ ,M= M

According to Eurocode 8, there are several limits over various design considerations:
a Q0.1 : No need to consider the second order effects.
a R0.3 : It shall not be permitted to exceed this limit; a redesign must be made.
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0.1 Qa Q0.2 : The second order effects should be considered through an amplification factor.

According to EC8, when the interstorey drift sensitivity coefficient.ls Q a Q0.2 , the

seismic actions should be amplified by multiplying by this factor:

1 A. 22
“T1Fa

# (3,
The stability coefficient can be rearranged based on stiffness and behaviour factor as follows:
The elastic stiffness is given byy= 8,.2@, where @: the linear elastic interstorey drift.

The secant stiffness isg g 8.2 @ then the- 4 g7 & @x M

Therefore, by substituting this into the Equatién?1, the stability coefficient factor can be

written as:

a= 2‘;"3“?? - 2@’3‘9* A.23
% "e@d0

A.3.1.16 Check Interstorey drift limitations (Clause 4.4.3.2 of EC8)

It is important to note that the principle difference between damage limitation design states is
whether the structural elements are brittle, ductile, or flexible. In cases where tteuntural
elements of a building are not especially sensitive, the widely adopted limit for the maximum

inelastic drift between floors is dr:

Thus, for ductile structural elements:

@i QO0.rsD A. 24

Where:

@ Interstorey drift (Clause 4.4.2.2(2) of ECB8), the dr is the design inelastic interstorey drift,
SDAN@= M@ ,M= M

h: Storey height

i: Reduction factor=0.5 for building 1&ll classes (Clause 2.1(1) and Clause 3.2.1(3) of EC8).
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Therefore, considering the seismic action considered in theolfapse design state, the
requirement for damage limitation can be interpreted as the maximum allowed interstorey drift
for buildings of ordinary significance is 2% of the storey height. Thetsiral deformations

with no-collapse design state will be:

@ Q0.02D A. 25

A.3.1.17 Force distribution of the base shear — FBD method

The distribution of the lateral forces takes different pattern based on the fundamental mode
shapes. International codes prescribe a linear or parabolic distribution. In general, the horizontal
force (yapplied to the structure under seismic action effects and determined based on the
displacement and mode shape of masses at each floor. The following expression represents the

distribution of horizontal forces according to Eurocode 8:

— o Qlu A. 26
8 SO_H—AQW

Where:

8s: The total horizontal base shear force

8y The horizontal force acting on storey E

8;: The horizontal force acting on storey F

Q@ @: The displacement of massdsy; | yin the fundamental mode shape

| 1 v: The storey masses at ith and jth storey level

For simplicity, when approximating the fundamental mode shape of structural lateral
deformation under lateral loads as lineasumption, the horizontal forces can be distributed
linearly along the height of the structure. This resultstimaagular shape of lateral horizontal
forces applied to the building, gradually decreasing from top to bottom. The maximum shear

force is exerted at the base level of the building. Based on this assumption, the following

expression applies:
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85 & 200 A. 27

Aagig
Where:
\; W: The heights of the masses; | yabove the level of application of the seismic action.

It is important to note that established codes such as, UBC (Uniform Building Code), National
Structural Codes of Philippines (NSCP), New Zealand Standard (NZS), and National Building
Code of Canada (NBCC) , as mentioned by Fenwick and MafR#&d and Garroteand

llumin [266], providea linear distribution with 10% of total base shear located at top roof level

in order to take the higher mode effects into consideration. Whilst, the International Building
Code (IBC), Indian Standards (IS), Building Standard Law of Japan (BSLJ), and European
Code, as documented by EG832], Bose et al[267], and Dhanvijay et a[268 do not
incorporate any additional top forces resulting from higher mode effects. A linear distribution

of the base shear along the height of the structure based on the mode shape that takes a linear
horizontal displacement that increased along the heldiet.vertical distribution of the base

shear along the height can be given by:

o UV A. 28
&= &, N
MgZg A. 29
L, — + . N
8= F,+ 09 V Amz,

Where (.= 0.1 8at the top height of the structure, this act in case of higher mode effect where

the fundamental periods of greater than 0.7 second.
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